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From the Editors
The editors would like to welcome you to the first edition of The Journal of the Deep
Foundations Institute. This publication is a milestone in DFI’s ongoing effort to fulfill
its mission as an information resource for design and construction of foundations and
excavations. The journal will focus on subjects that are directly relevant to practice and thus
will provide a bridge between academia doing applied research, practicing professionals, and
the construction industry. The role of The Journal of the Deep Foundations Institute is detailed
in the mission statement of the journal (see below). Note that this mission statement includes
a special interest to integrate and maintain a diverse range of subjects and to incorporate
projects from the international community. Reports on case histories and failures will be
particularly invaluable in advancing the practice through lessons from real world experiences.
Participation in the journal is open to everyone in the field of interest; however, it is clear that
the success of this publication depends on you, the reader of the journal, to contribute by
writing articles and sharing your experiences with your peers. Practitioners are continuously
looking for improved ways to solve problems, to implement advances in technology, and to
enhance reliability and cost-effectiveness. The Journal of the Deep Foundations Institute will
provide a means to improve our industry, if we all participate in an open and professional
manner in sharing our experiences and lessons learned. As the editors, our promise is to make
the review process as painless and efficient as possible while maintaining the high standards
of an international technical journal.
Papers presented in this first edition of the journal cover a wide range of interests, including the
challenges for design and construction of the Sutong Bridge foundations in China, rapid lateral
load testing of deep foundations in the USA, deep diaphragm wall activities at RandstadRail
project in the Netherlands, ground movement issues related to deep foundations reported by
Harry Poulos from Australia, and design of drilled shafts supporting sound walls in the USA.
The editors would like to acknowledge Theresa Rappaport, the executive director of DFI, for
her enormous dedication and tireless efforts in making this publication a reality. Appreciation
is extended to the DFI members who supported the inaugural issue of the journal.
We look forward to the success of The Journal of the Deep Foundations Institute as a valuable
resource to our industry for many years to come. Comments, suggestions, and submissions
are welcome and may be submitted via the DFI website at www.dfi.org.
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Design And Construction of the Sutong Bridge Foundations
Robert B. Bittner, Ben C. Gerwick, Inc., San Francisco CA, USA; +1 (415) 288-2731; rbb@gerwick.com
Dr. Osama Safaqah, Ben C. Gerwick, Inc., San Francisco CA, USA
Xigang Zhang, Highway Planning and Design Institute, China
Ole Juul Jensen, Ole Rud Hansen, COWI A/S, Lyngby, Denmark
The Sutong Bridge across the lower Yangtze River in China will have, when completed, the longest span
(1,088 m) and the highest towers (306 m) of any cable stayed span in the world. The foundations for
this record setting span will also be record setting. They are located in water depths exceeding 30 m
with maximum flows exceeding 3 m/sec. The soil at the site of the main pylons consists of layers of
silty sands and silty clays extending to bed rock at 270 m below river elevation.
This paper describes the innovative methods used by the team of foundation designers and
constructors to support this record setting bridge at this very challenging site. This paper covers three
specific topics related to the foundations of the Sutong Bridge:
• Design and construction of the 131 drilled shafts (2.8/2.5 m diameter and 114/117 m long) under
each of the two main pylons, including the post-grouting of all drilled shaft tips.
• Design and construction of the scour protection for the two main pylons.
• Construction methods used to construct the waterline pile caps (113.8 m by 48.1 m by 13.3 m deep)
under each pylon.

Introduction
Detailed design of the Sutong Bridge was
performed by The Design Group of Sutong
Project. Construction management of the
entire project is being performed by the
Jiangsu Provincial Sutong Bridge Construction
Commanding Department (CCD). COWI A/S
and Ben C. Gerwick, Inc. served as special
consultants to CCD during design and
construction of the bridge.
The width of the Yangtze River at the bridge
site is approximately 6 km and the total length
of the Sutong Bridge is approximately 8 km.
The site conditions for the main towers are
extremely challenging. The northern pylon, Pier
4, is located in about 30 m water depth and the
southern pylon, Pier 5, is located in about 16 m
water depth. The river is subject to both high
fresh water run off volumes and tidal effects,
creating currents exceeding 3.0 m/sec in the
extreme conditions.
Maximum potential wave heights at the site
exceed 3.5 m. The river is alluvial and subject to
rapid changes in bottom contours due to high
erosion and deposition rates. The river bed at
the northern pylon consists of sandy materials
and at the southern pylon, the bed material
is mainly silty loam and silty clay. These site
characteristics create a condition where the
river bottom will immediately respond to the
introduction of any structure such as a bridge
[2] DFI JOURNAL Vol. 1 No. 1 November 2007

[Fig.1] Sutong Bridge – 1,088 m Main Span

pier or pylon. Hydraulic model studies for the
bridge, performed by the Nanjing Hydraulic
Research Institute, predicted up to 29 m of
scour (100 year return period) at the south
pylon with a caisson foundation and up to 24 m
of scour (300 year return period) at the same
location for a large diameter pile foundation
solution (Jensen, 2004).
Bedrock is located at approximately 240 m
below the river bottom. The soils in the upper
240 m consists of layered sediments of fine
sand, course sand, silty sands and gravels with
occasional layers of clay.
The river is the main waterway to the entire
Yangtze Basin with heavy barge traffic and
up to 50,000-t container ships in the main
navigation channel.

Bridge
Site

[Fig. 2] Bridge Location

[Fig. 5] 2.8 m Dia. Drill Casing

Foundation Design

The ultimate load capacity of the drilled shafts
was confirmed by four offshore load tests, two at
Pier 5, the south pylon, and two at the approach
piers. The two tests at Pier 5 confirmed an
ultimate capacity of 92 MN (20,700 kips). Testing
was performed using the Osterberg Cell Method.
Test pile SZ5 was tested twice, before and
after tip grouting, to give an indication of the
increased capacity obtained through tip grouting.
The tests indicated that the bearing capacity of
the drilled shaft was increased by 20% or
15 MN (3,375 kips)
by the tip grouting.
The load deformation
curve after grouting
showed a much more
rigid behavior than
before grouting. This
result demonstrated
that the tip grouting
had a positive effect
on not only the tip
but also on the side
friction on the lower portion of the pile.

The foundation for each A-shaped pylon
consists of 131 drilled shafts, 2.8/2.5 m in
diameter. See Fig. 4 for layout of the pile cap
and drilled shafts at each pylon. The drilled
shafts are capped by a 13 m deep dumbbellshaped pile cap with plan dimensions of
113.8 m by 48.1 m.
The bottom of the cap tremie seal is
positioned at Elev. -10.0 m, approximately
12.0 m below mean
sea level. The drilled
shaft casings are 2.8 m
diameter with a wall
thickness of 25 mm.
See Fig. 5. The
permanent casings
extend from Elev.
-7.0 to Elev. -53. The
drilled shafts beyond
the casing tip are 2.5 m
[Fig. 3] Sutong Bridge
diameter and extend to
a design tip elevation
of -124 at Pier 4 and -121 at Pier 5. Post
grouting of the drill shaft tips was performed
to increase the total ultimate capacity.

[Fig. 4] Pylon Foundation

Drilled Shaft Design
Drilled shaft design methods have traditionally
relied on mobilizing skin friction along the
shaft length to resist service axial loads.
End bearing, if not discounted, is usually
significantly reduced and mainly employed to
satisfy extreme load conditions or safety factor
requirements. This is mainly due to the concept
of strain incompatibility since ultimate end
bearing is mobilized at a shaft displacement
two or three orders of magnitudes larger than
the displacement required to mobilize ultimate
skin friction. This is especially true for larger
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diameter shafts. Moreover, the displacement
needed to mobilize significant end bearing is
likely to be larger than estimated due to drillinginduced soil disturbance at the tip of the shaft
and debris remaining after cleanout. As a result,
developments in drilled shaft construction
technology have been mainly focused on
increasing shaft diameter or shaft length in
order to increase shaft axial capacity.

drilling-induced soil disturbance and remaining
debris at the bottom of the drilled hole, postgrouting of the shaft tips was selected as the
most economical solution. Also, a 2.8 m diameter
permanent steel casing was selected to extend to
an average elevation of -53 m to maintain hole
stability and to increase lateral stiffness of the
foundation in the upper clay layers.

An effective alternate technique that can be
used to increase shaft axial capacity is postgrouting of drilled shaft tips. This technique,
although introduced four decades ago, has not
been widely used in the US despite its significant
potential for cost saving and improvement of
quality control of drilled shaft construction.
This technique works by effectively preloading
and densifying the soil and any remaining debris
under the tip of the shaft by pressure grout
delivered by a system of pipes pre-attached to
the reinforcement cage of the shaft. As a result,
larger end bearing capacity can be mobilized at
the tolerable displacement limit, thus increasing
overall shaft capacity without having to increase
its length or diameter.

Drilled Shaft Construction
Due to the high river currents, all drilled shaft
construction was performed from a steel
platform constructed over the top of the pier site.
In addition, an upstream mooring platform (13 m
by 44 m) and a downstream batch plant platform
(39 m by 44 m) were constructed immediately
adjacent to the main platform. See Fig. 6.

Drilled Shaft Axial Capacity
The maximum demand axial shaft load was
determined to be 44.0 MN for the pylon
foundation. With an adopted design safety factor
of 2.0, the design axial load capacity of the pylon
shaft should therefore be at least 88.0 MN.
The Chinese codes which applied to this project
determine the ultimate axial capacity of the
drilled shaft as the minimum of: 1) the load at
which the shaft settlement is 80 mm, 2) the load
at which creep is 0.2 mm per hour at the end of
24 hr load application, and 3) the load at which
there is a dramatic and sudden change in the
load versus displacement curve.
The soils at the pylon site consist mainly of firm
to stiff CL clay extending to elevation -45 m
followed by layers of medium to very dense fine
to coarse sands and silty sands with occasional
loam layers. Bedrock is located at approximately
240 m below riverbed. Based on the soil
conditions, and the estimated skin friction of a
2.5 m diameter shaft, the design team decided
that a shaft tip elevation of -124 m at the
northern pylon and -121 m at the southern pylon
would be sufficient if a significant percentage of
end bearing could be relied on. To achieve this
while meeting the settlement and creep criteria,
and to minimize the detrimental impact of
[4] DFI JOURNAL Vol. 1 No. 1 November 2007

[Fig. 6] Batch Plant Platform

The top elevation of the drill platform was +7 m,
approximately 3 m above high water. The main
platform was used as both a template to drive
the 131 drill shaft casings and to provide a work
deck for the drill units. Casings at the northern
pylon were driven to grade with a vibratory
hammer and at the southern pylon a diesel
hammer was used. See Fig. 7. After installation

[Fig. 7] Casing Installation Hammer

of each drilled shaft casing, bracing was added
to tie each casing into the work deck, and
thereby adding rigidity to the entire work deck.
Drilling was performed with 8 rotary-drill
units positioned on the top of the work deck.
Drill bits varied depending on the formations
encountered. See Fig. 8 and Fig. 9. A bentonite
slurry with a minimum positive head of 3
m was used to maintain drill hole stability.
Both drilling and concreting operation were
conducted simultaneously on the platforms. A
minimum concrete strength of 5 MPa (725 psi)
was required in an adjacent drilled shaft before
drilling was allowed. The post tip grouting
operation was also performed concurrently
with these operations. However, the grouting
operations maintained a minimum distance
of 50 m from drilling and concrete placement
operations in order to avoid hole-instability
problems from elevated pore water pressure
created by the grouting operation.

[Fig. 8] 2.5 m Dia. Drill Bit

[Fig. 10] Reinforcing Cage Installation

Concrete was supplied by a batch plant with
a capacity of 100 cubic meters per hour,
positioned on the downstream platform.
Cement and aggregates were delivered to the
platform by barges moored directly to the
downstream platform.
Post grouting of the drilled shaft tips was
performed with 4 loop-shaped pipes preattached to the reinforcing cage. The bottom
of each loop turned at the bottom of the cage
and extended into the interior of the drill shaft
approximately 50 cm. Grout exited the pipes
through 6 holes, 8 mm in diameter, drilled in
the underside of each loop. A one-way valve
was created by encasing the loop in a bicycle
tire. To ensure that the system was not plugged
during the concrete placement operation,
clean water was pumped through the system
under pressure to confirm open access to
the surrounding tip area. Post grouting was
performed with neat cement grout.

Post-Grouting of Drilled Shaft Tips

[Fig. 9] Drill Bit Exiting Hole

The reinforcing cages were fabricated in four
sections and coupled together with threaded
mechanical connectors on the work deck over
the top of the casings prior to lowering them into
the drill hole. See Fig. 10. Concrete was placed
with a tremie pipe centered in the drill hole.

Post-grouting of drilled shaft tips is usually
conducted using two techniques; the flat jack,
or the sleeve-port (also called tube-a-manchette).
In the first technique, grout is delivered by
tubes attached to the rebar cage to a steel plate
with a rubber membrane underneath at the tip
of the shaft. In the second technique, which was
used in this project, grout is delivered to the
tip through loop-shaped pipes which are preattached to the rebar cage. For this project, six
tubes were used. The bottom of each pipe, at
the tip of the shaft, has a U-shape and extends
approximately 50 cm into the interior of the
shaft, as shown in Fig. 11. Grout was discharged
through eight holes 8 mm in diameter in the
underside of each U-shaped pipe, which was
encased by a bicycle tire to act as a tight fitting
rubber sleeve creating a one-way valve. The
DFI JOURNAL Vol. 1 No. 1 November 2007 [5]

advantage of this system is that it allows clean
water to be pumped under pressure to ensure
that the system is not plugged during concrete
placement operations, and confirms that an
open access to the shaft tip area is maintained.

[Fig. 11] U-shaped Grouting Pipes at the Shaft Tip

The major issues in post-grouting of shaft tips,
other than the design of the grout delivery
system, are to determine the grout pressure
and grout quantity. The work of Mullins et al
(2006) shows that the level of grout pressure
is the most important factor affecting the gain
in end bearing and the stiffness in its loaddisplacement relationship. Another secondary
factor is the time period of application of grout
pressure. In this project, grouting operations
have been controlled by both grout quantity and
grout pressure. The project criteria require the
grout pressure to reach the targeted level for at
least five minutes, and the grout quantity to be
at least 80% of the design value. Obviously, since
grout pressure acting on the shaft tip is resisted
by the shaft skin friction, the maximum grout
pressure, and therefore the maximum achievable
enhancement in end bearing, is governed by the
ultimate skin friction resistance. This also means
that the process of post-grouting of shaft tips
will cause an upward movement in the shaft as
the soil-shaft interface is strained. Therefore,
field measurements of the uplift movement of
the top of the shaft when related to the applied
grout pressure can provide valuable information
to verify the axial capacity of production shafts.
For the Sutong Bridge, the skin friction of the
pylon shafts was estimated as 64 MN; therefore,
for a 2.5 m diameter shaft, the estimated
maximum grout pressure that can be applied
at the shaft tip was 13 MPa plus the buoyant
[6] DFI JOURNAL Vol. 1 No. 1 November 2007

weight of the shaft. Practically, a lower grout
pressure was used since the maximum pressure
that can be applied in the field was 7 MPa.
In addition to the upper limit governed by
ultimate skin friction, the grout pressure should
exceed the hydrostatic pressure at the shaft
tip. The project criteria adopted the following
method to determine the minimum operating
pump pressure:

where Pg and Pw are the pump and hydrostatic
pressures at the shaft tip level, respectively, and γi
and Li are the effective unit weight and thickness
of each layer (i) above the shaft tip, respectively.
ζ is an empirical coefficient for grout resistance,
which is a function of the type of soil material
at the shaft tip. For sands, ζ ranges from 1.5 to
3.0. Therefore, the estimated minimum operating
grout pump pressure in this project was 3 MPa.
Based on the estimated upper and lower grout
pressure limits and the required gain in end
bearing to meet the design safety factor, the
design team decided to use a grout pressure
of 5 MPa, which was subject to verification by
field tests. Although not used during the design
phase of this project, one can estimate the
gain in end bearing as a function of the applied
grout pressure and shaft settlement using
the recent work of Mullins et al (2006), which
suggests the following equation:

TCM = 0.713(GPI )(% D 0.364 ) +

%D
0.4
(%D)+3.0
0.4(%
D) + 3.0

(2)

where %D is the shaft settlement as a
percentage of its diameter D, TCM (tip capacity
multiplier) is the ratio between the end bearing
at a %D settlement to the end bearing at a
settlement equal to 5% shaft diameter. GPI
(grout pressure index) is the ratio of the applied
grout pressure to the ungrouted end bearing at
a settlement of 5%D. The ungrouted end bearing
at a settlement of 5%D was estimated as 3.5 MPa
for the pylon shafts. Therefore, for an applied
grout pressure of 5 MPa, i.e. GPI of 1.43, the
estimated TCM from this approach for 1%D,
3%D, and 5%D settlement is 1.3, 2.2, and 2.8,
which correspond to an allowable end bearing
capacity of 4.6, 7.7, and 9.8 MPa, respectively.
Therefore, if this approach was used during
the design phase of the project it would also
indicate that a 5 MPa grout pressure would
be sufficient to obtain at least 25 MN in end

bearing while meeting the project settlement
requirement of 80 mm. The design end bearing
of 25 MPa was the end bearing targeted to
obtain an ultimate axial shaft capacity with
safety factor of 2.0.
The design grout quantity was estimated
as 100 kN based on the porosity and grout
penetration ratio of the soil at the shaft tip.
Consideration was also given to the grout going
upward around the pile shaft.

O-Cell Tests with Post-Grouting of Shaft Tips
To measure and verify the skin friction and end
bearing capacities of the design shafts, several onshore and offshore shafts were tested. The results
presented herein are from an O-cell test on an
offshore shaft constructed at the southern pylon
site which was loaded before and after grouting.
The 2.5 m diameter test shaft had a tip elevation
of -121 m with a 2.8 m diameter 25 mm thick
permanent steel casing with a tip elevation of
-53 m, as shown in Fig. 12. Six U-shaped grout
pipes were attached to the shaft reinforcement
cage as shown in Fig. 11. O-cells were placed
at two levels. The upper level was 28 m above
the shaft tip with two 870 mm diameter O-cells
and a total nominal ultimate load of 55 MN,
while the lower level was 1.5 m above the shaft
tip with two 660 mm diameter O-cells and a
total nominal ultimate load of 32 MN. Four
LVWDTs (Linear Vibrating Wire Displacement
Transducers) were installed at each O-Cell level.
Eight (8) levels of vibrating wire strain gauges

and four telltales were used as shown in Fig. 12.
The test was conducted by LOADTEST Singapore
office. The soil profile at the test site consists
of layers of gray silty CL clay down to elevation
– 53.5 m overlying layers of fine to coarse sands
that extend well below the shaft tip elevation.
The test was conducted in two phases; before
and after grouting of the shaft tip. The first
phase consisted of a one-stage load test. In this
phase the lower O-cells were pressurized in
17 loading increments, each 0.9 to 1.0 MN and
lasting 30 minutes, while the upper O-cells were
kept closed. As shown in Fig. 13 and summarized
in Table 1, at the end of the 17th increment, the
total lower O-cells load was about 16.5 MN with
a total expansion of 93 mm, mostly from end
bearing settlement, which is larger than the
80 mm limit required by the project design
criteria. At the end of the first phase tests, the
shaft was unloaded in 5 increments.

[Fig. 13] Load-displacement Curves Before and After
Post-grouting of Shaft Tip from Stage 1

The second phase of the test was conducted 5
days after grouting of the shaft tip. The grouting
process was conducted in three cycles to help
achieve a uniform treatment of the soil at the
shaft tip. In each cycle, the grout pressure was
increased in equal increments to the design level,
while the grout quantity was distributed equally
in the straight grout pipes. In the first cycle 50%
of the neat cement grout quantity was extruded,
followed by pressure washing the grout pipes
with clear water. After at least 1.5 hours of
waiting, 30% of the grout quantity was extruded
after which the grout pipes were pressure
washed again with water. After at least 3.5
hours of waiting, the third cycle was completed
by extruding the remaining 20% of the grout
quantity. In the first and second cycles, there was
more emphasis on controlling the grout quantity,
while in the third cycle more emphasis was put
on controlling the grout pressure.
[Fig. 12] Test Shaft Layout and Instrumentation
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Two main stages of load tests were conducted
in the second phase. In the first stage the lower
level O-cells were pressurized in 28 loading
increments, each 0.9 to 1.0 MN, while the upper
level O-cells were kept closed to assess the
improvement in end bearing after grouting.
As shown in Fig. 13, after the final loading
increment, an end bearing load of 27 MN was
achieved with 44 mm tip settlement (1.8%D),
while for a 1%D settlement, the measured end
bearing capacity after shaft tip grouting was
5.3 MPa, which agrees well with the value
predicted by the Mullins et al (2006) approach.
This level of gain in end bearing was satisfactory
and showed that the process of post-grouting
of shaft tips can be reliably depended on to
obtain the required design axial load capacity of
the shafts while meeting the project settlement
limit and eliminating the risk associated with
drilling-induced soil disturbance and remaining
debris at the tip of the shaft.
To measure the skin friction response along the
shaft after grouting, a second stage of loading
was conducted as part of the second phase of
the test. This time, the upper level O-cells were
pressurized in 1.6 to 1.7 MN load increments
while the lower level O-cells were unlocked.
The test was stopped when the upper shaft
segment ultimate skin friction was reached after
moving 106 mm upward, but before reaching
the ultimate skin friction of the lower segment,
as shown in Fig. 14. From this test, it can also be
noticed that the lower 28 m long shaft segment
close to grouted tip has a much stiffer skin
friction load-displacement response than the
upper 77 m segment. This is also evident from
the load distribution curves based on strain
guage measurements shown in Fig. 15.

[Fig. 14] Load-displacement Curves after Post-grouting of ShaftTip
from Stage 2

[Fig. 15] Shaft Load Distribution Curve from Stage 2 Using
Strain Gauge Data

Scour Protection
The conceptual scour design for the two main
piers was performed by COWI A/S, Denmark. The
detail design was performed by Jiangsu Provincial
Communication, Planning & Design Institute.
Hydraulic studies and surveys were performed by
Nanjing Hydraulic Research Institute.
The hydraulic design parameters for the scour
protection were a combination of the current,
water level and in some cases, waves acting at
the same time. See Fig. 16.

[Table 1] A Summary of O-cell Tests Procedure and Results Before and After Grouting

Upper Level O-Cells
Stage

Loading
Level

Before
Grouting

1L-1 to
1L-17

Lower Level O-Cells

Max Load
(MN)

O-cell
Hydraulic
System

Total
Expansion
(mm)

Max Load
(MN)

O-cell
Hydraulic
System

Total
Expansion
(mm)

0

Closed

-1.7

16.5

Pressure

+93.0

1

2L-1
to 2L-28

0

Closed

-1.4

27.0

Pressure

+118.5

2

3L-1
to 3L-21

33.7

Pressure

+106.0

0

Free

+113.7

After
Grouting
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With these objectives in mind, the designers
refrained from the use of large prefabricated
mattresses, gabions or large bamboo/willow
mattresses. Such solutions could be used but
would be difficult to handle and place in the
very high currents prevailing at the site.
The principal ideas for the scour protection of
the pylons of the Sutong Bridge included the
use of three distinct areas or zones.
[Fig. 16] 3 m/sec Currents at Pylon

The pile group width perpendicular to the
river current is 48 m and the length is about
112 m. The hydraulic model tests showed the
extension of the scour around the structure
to be essentially equal in all four directions,
approximately 60 m.
The ideas presented for scour protection were
developed based on COWI’s experience in
combination with their understanding of the very
difficult conditions in Yangtze River with deep
water, high currents and high sediment transport.
The major problem associated with the scour
protection was its construction. The scour
protection in itself had to be made in a way
that it was not too difficult to construct,
and also, that it would prevent scour during
construction. It was assessed that if the bridge
piers were made without prior scour protection,
the development of scour would be so rapid
that it would be difficult to construct the scour
protection later on and the bed level would have
eroded to such a low level, that the advantage of
the existing bed levels would have disappeared.
Therefore, the scour protection as presented
in Fig. A-7 in the Appendix was designed in
such a way as to allow for construction of piles
through the center of the temporary scour
protection and then later on the final scour
protection could be introduced.
In addition, due to the very high flow velocities
and high sediment transport, the adopted scour
protection scheme would need to be relatively
simple and robust and not require very accurate
dredging levels before placing of the material in
the scour protection.
It was also desirable to construct the protection
in smaller sections that together would constitute
the total protection. The final protection should
also be robust and be able to function with
unavoidable inaccuracies.

(1) The Central Area or Inner Zone
This zone includes the central area where the
bridge piles for the main pylons and temporary
structures are present.
The area extends 20 m away from the
structures. In this area, the river bed would be
temporarily protected by use of layers (3 nos.)
of sand-filled geotextile bags. See Fig. 17.

[Fig. 17] Filling Geotextile Bags

The idea behind this concept is that by this
action, the river bed will be protected but it will
still be possible to bore the piles through the
protection. After completion of the piling, the
final protection was constructed with a filter
layer of quarry-run and minimum 2 layers of
armour stones (rock).
(2) Outer Area
Beyond the inner zone, the Outer Area is
situated. It extends about 40 m further out from
the Central Area. The scour protection consists
of one layer of sand bags covered with a layer of
quarry-run on top of which was placed the same
type of rock armour as for the central area.
(3) The Falling Apron Area
Outside the Central and Outer Area is the
Falling Apron Area. Its width varies according
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to an estimate of the scour depth and the
width was set at 1.5 times the actual maximum
expected scour depth. The material in this area
consists of quarry-run on top of which layers of
quarry stones were dumped.
During construction of the Falling Apron Area, it
was decided to dump a layer of sand bags at this
area as well because extensive scour was occurring.
The concept of the falling apron has been used
in many countries for river training structures
where the scour is expected to reach to a
level significantly below the level at which the
structure is or can be built.
The principle is that the material in the falling
apron will launch itself down the scoured slope
that will thereby stabilize itself.
Table 2 shows the stone sizes of the scour
protection for the North and South Pylon. The
table also shows sizes of sand bags, which were
exposed in the temporary protection during
construction and were later on covered with
stone material.
[Table 2] Stone and Sand Bag Sizes for the Scour Protection
Material at the North and South Pylon

Item
Stones
Sand
Bags
Stones
Sand
Bags
Stones
Stones
at Slope

Location

Inner
Area
Outer
Area
Falling
Apron

d50 [m]

Density
[t/m3] North
Pylon

South
Pylon

2.65

0.40

0.50

2.00

0.50

0.60

2.65

0.30

0.40

2.00

0.30

0.40

2.65

0.30

0.40

2.65

0.40

0.60

For practical considerations, the same size of bags
were adopted all over and the same stone size for
the outer area and falling apron. The actual sand
bags used were of size: 1.6 m x 1.6 m x 0.6 m.
Extensive surveys were performed during
construction using multi-beam echo sounder
in order to control and verify the amount of
materials dumped. The dumping of material
was performed using a grid with 28 x 26 cells
for the North Pylon and 16 x 16 cells for the
South Pylon.
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With respect to the armor stones, it was
essential that the structural integrity be
obtained. Therefore, it was crucial that 2 layers
of armor stones are present in all areas. In
layer thickness, this corresponds to 1.0 m
for the Central Area and the Outer Area. For
the inner section of the Falling Apron Area, it
corresponds to 1.2 m thickness.
The scour protection is a flexible structure
that will be subject to some displacement of
material. Especially the Falling Apron will be
moving during launching when scour occurs
at its edges. Therefore a detailed monitoring
program was prepared covering the entire
bridge alignment.
The solution adopted, with sand bags and
stone layers dumped from the water surface,
was found to be the most feasible under the
given difficult circumstances with water depth
up to 30 m, high currents and zero visibility.
The future erosion at the edges of the
protection will be prevented from progressing
close to the bridge piers by the use of the
Falling Apron concept for the outer edge of the
scour protection.
See Fig. A-6 and A-7 in the Appendix for further
details of the scour protection system

Pile Cap Construction
The 13.3 m deep pile cap for each pylon is
positioned at the water line with the bottom at
Elev. -7.0 m and the top at + 6.3 m. The caps
were constructed by first building a doublewalled steel caisson in-the-wet, directly above
the final location. The 1.8/2.0 m thick double
wall or perimeter wall was constructed as a
watertight compartment and served four basic
functions. See Fig. 18.
It first served as the perimeter stiffening frame
that gave the caisson its rigidity during lowering
operations. Secondly, it served as the buoyancy
tanks to minimize the deadweight of the caisson
as it was lowered into the water and down to
final grade at Elev. -10.0 m. Third, it served as
a temporary cofferdam and exterior permanent
form for the casting of the pile cap. And finally,
the perimeter wall acted as a permanent shipimpact protection fender during the service life
of the bridge. The perimeter wall was filled with
concrete below Elev. –1.0 m.

factor of 2.2. The entire caisson was quite
stiff and relative movements of only 10 mm
between adjacent jacking points created a
35% differential loading. The entire lowering
operation was controlled with a Dorman Long
P40 computer control system which provided
communications between jacks, power-pack and
control computer. The lowering operation was
performed with strokes of 200 mm and a stroke
range of only 5 mm to ensure stable balanced
loads between jacks.

[Fig. 19] Typical Strand Jack at Pylon 5

[Fig. 18] 2 m Thick Caisson Perimeter Wall

The first caisson (North Pylon) when initially
constructed was 118 m by 52.4 m in plan,
7 m high, and weighed approximately 3050
tonnes. See Appendix Fig. A-3. The bottom
of the caisson was a steel plate stiffened by
steel trusses that spanned the full width of
the caisson and tied into the perimeter walls.
The bottom deck of the caisson started out
at approximately Elev. +6.0 and was lowered
in three basic stages to Elev. -10.0. The first
stage lowered the caisson approximately 5 m,
at which point the caisson was floating under
its own buoyancy. At the end of this stage, the
lowering was stopped and the perimeter walls
were increased to a height of 18 m and the
lowering was completed in two stages to final
grade by partial flooding of the cofferdam.
The lowering operation was performed with
16 strand jacks, DL-S418 (See Figs. 19 and
20.) supplied and operated by Dorman Long
Technology, Ltd. For the layout of strand jacks
see Appendix Fig. A-4.
All 16 jacks were spaced along the perimeter
wall of the caisson and sat on support frames
positioned over the top of the exterior drill
shaft casings. Each jack had a safe working
load of 418 tonnes, thus providing a safety

[Fig. 20] Strand Jack Model Dl-S418 & Reaction Frames Inside
Caisson at Pylon 4

[Fig. 21] Pylon 5 Caisson Being Lowered

Once the 13 m high caisson reached final
grade at Elev. -10.0, the caisson was locked in
position and the annulus between the drilled
shaft casings and the steel plate of the caisson
bottom deck was sealed. A 3.0 m deep tremie
concrete seal was then placed over the entire
bottom area of the caisson except for the 2 m
DFI JOURNAL Vol. 1 No. 1 November 2007 [11]

wide exterior wall. After the tremie seal attained
specified strength, the caisson was dewatered
(See Fig. 22) and the rest of the pile cap was
constructed in the dry. See Fig. 23.

[Fig. 22] Dewatered Cofferdam and Top of Tremie Seal

For the second caisson (South Pylon), the entire
caisson was assembled full height and weighed
approximately 5,800 tonnes. This caisson was
lowered by a strand jacking system from Tonji
University to a self-floating condition, and
final grade was reached by partial flooding
of the exterior perimeter walls. Once at final
grade, the tremie seal was placed and the rest
of the South Pylon was constructed in the dry.
Both lowering operations worked well and
everything went smoothly.

requirements of the structural design while
remaining fully constructible under extremely
difficult conditions
Post-grouting of shaft tips was found to be an
effective and economical procedure that was
implemented to increase the axial capacity of
the drilled shaft foundation of the Sutong Bridge
in China. By preloading and compaction of the
soil and any remaining debris at the shaft tips,
the end bearing capacity can be significantly
increased and reliably depended on. This was
validated in O-cell tests conducted on shafts
before and after tip grouting. Another advantage
of post-grouting of shaft tips is the ability to
check the axial capacity of each production shaft
through measurement of grout pressure and
upward movement of the top of the shaft.
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Appendix:

Conclusion
The foundation design and construction
team on the Sutong Bridge have succeeded in
constructing foundations for a world record
setting bridge at a very challenging site on
the lower Yangtze River. The design team,
working in conjunction with their construction
counterparts, developed innovative holistic
solutions that addressed the very rigorous

1.
2.
3.
4.
5.
6.

Fig. A-1
Fig. A-2
Fig. A-3
Fig. A-4
Fig. A-5
Fig. A-6
Pylons
7. Fig. A-7

[Fig. 23] Completion of Pile Cap in the Dry at Pylon 4
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Main Span Side Elevation
Pylon Details
Main Pylon Caisson Details
Caisson Lowering System
Perimeter Wall Completion
Scour Protection Details at Main
Scour Protection Plan

[Fig. A-1] Main Span Side Elevation

[Fig. A-2] Pylon Details
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PIER 4 CAISSON - PLAN
[Fig. A-3] Main Pylon Caisson Details
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[Fig. A-4] Caisson Lowering System – Stage I

DFI JOURNAL Vol. 1 No. 1 November 2007 [15]

[Fig. A-5] Perimeter Wall Completion
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[Fig. A-6] Scour Protection Details at Main Pylons
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SOUTH PYLON PLAN

[Fig. A-7] Scour Protection Plan
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Deep Diaphragm Wall Activities at RandstadRail Project
in Rotterdam,The Netherlands
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Johannes Glückert, Züblin Spezialtiefbau GmbH, Rotterdam, The Netherlands
The Netherlands RandstadRail project makes use of a large range of sophisticated geotechnical
techniques to allow a shield driven tunnel to approach the central station of Rotterdam. This paper
describes the construction of three deep excavation pits constructed with 1.2 m and 1.5 m thick
diaphragm walls. Besides the presentation of the actual diaphragm wall activities special consideration
is given to the break-in and break-out situations of the Tunnel Boring Machine (TBM) into the deep
excavations pits using sealing blocks and partly glass fibre reinforcement in the diaphragm walls.

The Project
The project RandstadRail in the Dutch province
of South Holland will provide a new light rail
train connection between the cities of Den
Haag and Rotterdam. While the project makes
extensive use of the existing track from Den
Haag to Rotterdam, it is necessary to construct
a nearly 3 km-long tunnelled section for a direct
connection to the central station of Rotterdam,
where by another contract an interchange
station to the Rotterdam’s Metro system will
be established. The tunnel below Rotterdam
represents, from an engineering perspective,
the most challenging part of the whole
RandstadRail project and is let as a Euro 178M
contract known as The Statenwegtracé contract.
The tunnel will be made up of two 2.4 km-long
single-track shield driven tunnel tubes, the
first bored tunnel below an urban area in The
Netherlands, with an outer diameter of 6.5 m.
The tunnel will be driven using a hydro shield
tunnel boring machine (TBM) with a diameter
of 6.78 m. The remaining 600 m will be
constructed as a cut and cover tunnel, mainly
using construction pits with retaining sheet
pile walls and combi walls. The launch shaft,
the construction pit for the new underground
station Blijdorp in the middle of the bored
tunnel track, and the arrival shaft will be
realised applying diaphragm walls.
The project contractor SATURN v.o.f.
(Samenwerking Tunnelrealisatie Nederland) is
a joint venture of two contractors, namely Ed.
Züblin AG from Germany and The Netherlands
firm Dura Vermeer Group N.V. The client for
the project is the public transport company of
Rotterdam RET (Rotterdamse Electrische Tram).

The project management in the tender and
construction phase, including the principle
design and the site supervision is carried out
by the engineering office of the municipality of
Rotterdam (Ingenieursbureau Gemeentewerke
Rotterdam). Ed. Züblin’s subsidiary Züblin
Spezialtiefbau GmbH (Züblin Ground
Engineering) is in charge of all geotechnical and
foundation works on the Statenwegtracé contract.
The project was contracted in April 2004 and is
scheduled for completion end of 2008.

[Fig. 1] Aerial View on Tunnel Track in Rotterdam

Particularly complex foundation and
geotechnical work is needed for the tunnel
launch and reception shafts, the new cut and
cover station midway along the tunnel section,
and retaining support for the cut and cover
tunnel. At the starting and arrival situation of
the TBM different types of soil improvement
activities such as lime-cement columns,
permeation grouting and jet grouting are
required to allow the tunnelling.
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[Fig. 2] Cross Section Through Tunnel Track

Ground conditions
Ground conditions, although typical for
Southern Holland, are particularly difficult for
tunnelling and deep excavations. They include
deep deposits of soft clay and peat and with the
groundwater level just below ground surface,
retaining elements need to extend to at least
35 m to reach an impermeable cut-off.
The soil investigation carried out by the client
before the tender included around 600 cone
penetration tests (CPT) and around 60 borings
across the whole tunnel track. Fig. 3 shows a
typical CPT at the start situation of the tunnel.

These in turn overly denser Pleistocene sand
to depths of between 35 to 38 m. The soil
characteristics of the Holocene and Pleistocene
are shown in Table 1. The water table in the
Pleistocene is pressurised and any exchange
with the free water table in the refilled upper
sand layers due to building activities has to be
avoided. Below this is the impermeable layer
of Kedichem, an over consolidated sand, clay
and peat, which provides the target layer for
retaining elements to achieve a natural seal
and prevent the inflow of groundwater into the
deep excavations.
[Table 1] Soil Characteristics
clay

Holocene
peat

Pleistocene
sand

14 – 16

10 – 14

18 / 20

10

10

0

φ
[ °]

13 – 20

10 – 18

27 – 35

k
[MN/m³]

3.0 – 3.75

2.0 – 3.0

20.0 – 30.0

γ / γr
[kN/m³]
c
[kN/m²]

The vertical alignment of the tunnel as can be
seen in Fig. 2 was designed to situate the major
part of the tunnel in the Pleistocene sand layer,
which is advantageous for the tunnel drive and
the permanent stability of the tunnel linings.

Deep Excavation Pits
Three deep excavation pits have to be
constructed for this project: the launch shaft,
the cut and cover pit for a new underground
station and the arrival shaft. The retaining walls
for all three excavation pits are carried out with
diaphragm walls up to a depth of 42 m and a
thickness of 1.2 m and 1.5 m.

[Fig. 3] Cone Penetration Test (CPT)

In detail the soil profile consists of between 2
to 5 m of refilled sand overlying geologically
young Holocene soils. These are made up
of alternating layers and lenses of soft clay
and peat to a depth of between 15 to 18 m.
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The largest of these three excavation pits is
the mid-way along the twin 2.4 km long tunnel
drives positioned pit for the new Blijdorp
Station, that will be excavated before the TBM
passes through. Including the sealing blocks
the excavation pit has a length of nearly 150 m
and a width of around 25 m. The plan view of
the pit with the surrounding buildings is shown
in Fig. 4. The excavation depth of the pit is 22 m
below ground level and the diaphragm walls
reach to a depth of 42 m giving an embedded
length of around 4 m in the impermeable layer
of Kedichem. This way the pit is sealed against
inflow of groundwater from beneath.

[Fig. 4] Ground Plan of Excavation Pit Blijdorp Station

The thickness of the diaphragm walls varies
between 1.2 m and 1.5 m, depending on the
distance to the surrounding pile founded
buildings. In the smaller part of the pit, where
the adjacent buildings are only 7.2 m from the
construction pit, the client applied the 1.5 m
thick diaphragm walls, to reduce the bending
of the retaining walls and the influence on the
foundation piles of the close building. In this
part of the construction pit the panel length
was also restricted to 3.0 m by the client. For
the rest of the diaphragm walls the structural
analysis of the trench stability carried out by
Züblin’s geotechnical design office allowed a
panel length of 8.0 m. This calculation had to be
carried out according to the German standard
DIN 4126 with an increased safety factor
of 1.3 instead of 1.1 and by close adjacent
buildings 1.5 instead of 1.3. This regulation
was resulting in L-shaped guide walls for the
trench excavation that had to reach 1.0 m above
ground level.

[Fig. 5] Diaphragm Wall Activities at Blijdorp Station

The joints between adjacent diaphragm wall
panels are provided by recoverable steel
elements with a trapezoid form as shown in Fig.
6. Before the installation of the reinforcement

cages these steel joint elements are inserted
into the open trench and hang up on the
leading walls. They reach over the whole depth
of the trench panels. After the installation
of the reinforcement cage and the casting of
the concrete the excavation of the adjacent
panel can continue. Just after the excavation
of the secondary panel reaches the final depth
the steel joint element can be detached from
the concrete of the primary panel and can be
lifted out of the trench. After cleaning the steel
element it will be used for the following panels.
This technique has never before been used on
panels with such a depth and width.

[Fig. 6] Recoverable Steel Joint Element

For the improvement of the impermeability
the steel joint elements will be provided with
rubber waterproof sealing strips, that will stay
in the concrete of the primary panel while
detaching the steel element.
As the station is excavated, internal support
will be provided by massive tubular struts and
walings in four layers. The diaphragm walls
will be part of the final structure of the station
and are used as foundation elements of the
station. They will form together with a second
reinforced concrete wall, which will be cast
after the TBM passes through the final walls
of the station. After removal of the steel struts
and walings the station walls will be supported
permanently just by the concrete base slab
and roof slab. The thickness of this combined
final station wall will be 2.15 m. This allows a
maximum span of 16 m between the base and
roof slab.
This design resulted in unusually heavy
reinforcing cages reaching the full depth of the
diaphragm walls. The cages have two layers of
DFI JOURNAL Vol. 1 No. 1 November 2007 [21]

+0.5

AXIS TRACK 2

MAIN AXIS

AXIS TRACK 1

N.A.P.

HOLOCENE

For the construction pit of the Blijdorp Station
a total of 4,500 tons of reinforcement for a
diaphragm wall area of 15,000 m² had to be
installed. For all three deep excavation pits in
total around 7,500 tons of reinforcement is
installed into the diaphragm walls.

-21.5

EXCAVATION DEPTH

DIAPHRAGM WALL

To form the box structure of the station and the
sealing blocks L-shaped and T-shaped panels
were used. Also the reinforcement cages had
to follow the form of these panels in one piece
in their horizontal layout. These special panel
cages weighed over 50 tons.

PLEISTOCENE
SAND LAYER

LAYER OF
KEDICHEM
BOTTOM DIAPHRAGM WALL -41.0

[Fig. 7] Cross Section through Excavation Pit Blijdorp Station

40 mm reinforcement bars at 175 mm centres
on both faces over nearly the full length of
the cages. Additional screw joints had to be
installed in the reinforcing cages to connect
the diaphragm walls with the internal walls.
Because of space limitations of the inner city
construction site, the cages are fabricated offsite in three sections, transported to the site
and joined together as they are installed in the
trench panel. Once assembled each cage for a
42 m-deep by 3 m-wide panel weighs up to 45
tons. The overlap of the reinforcing bars for
the two layer reinforcement had to be shifted,
resulting in a total overlap length of 3.5 m. To
be able to connect the three parts of the heavily
reinforced cages without difficulty, it was
necessary to crank the overlapping bars.

[Fig. 8] Installation of a Reinforcement Cage for a 1.5 m
Diaphragm Wall
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[Fig. 9] Joint of Two Reinforcement Cages for 1.2 m Diaphragm wall

Sealing blocks
For the three deep excavation pits the break-in
and break-out situation of the TBM is handled
by creating sealing blocks in the underwater
concrete construction method. The underwater
excavation is carried out, after pits of about
9 m length and 22 m width are constructed
using 1.2 m or 1.5 m thick diaphragm walls.
During the excavation the water table is not
lowered and after reaching the final excavation
depth the sealing blocks receive an underwater
concrete slap of 1.2 m thickness. Above that the
sealing block pits are filled with unreinforced
low strength concrete about 3.5 m above the
later tunnel drive. The remaining pit until the
ground level will be filled with sand.
Because the cutting wheel tools of the TBM
cannot cut through reinforcement bars in
concrete structures, the area through which
the machine has to pass must be cleared of
any reinforcement before the start of the TBM
drive (Fig. 11). The sealing block will prevent
water and soil entering the excavation pit while
creating the opening in the diaphragm walls for
the shield passage. For the circular openings,

2.0

22.0

blocks different means were taken at the three
deep construction pits.

2.0

STRUTTING -2.0
+0.4

+0.4
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- 37.0
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[Fig. 10] Cross Section through Low Strength Concrete
Sealing Block at Blijdorp Station with Indicated Tunnel Tubes
[Fig. 12] Sealing Construction

that are made out of the excavated construction
pits, the concrete and the reinforcement bars
of the diaphragm walls will be demolished
within a distance of 500 mm around the tunnel
diameter. In front of the diaphragm wall then
a precast rc-wall will be installed, on which the
starting seal construction is fixed (Fig. 12).

For the launch shaft the sealing block is excavated
and refilled at the same time as an adjacent
excavation pit. This excavation pit, surrounded
by retaining sheet pile walls and tied back above
groundwater level using single bar grout anchors,
is needed to replace the soft Holocene layers by
sand, because the soft layers would not provide
sufficient stiffness to take the forces from the
tunnel lining. After the sand refill has reached
SEALING BLOCK

6.0

2.0

9.0

+0.4

2.0 STRUTTING -2.0
TOP BEAM +0.5

W.P. = N.A.P.

N.A.P.
-1.35
SAND FILL
LIME-CEMENT COLUMNS

4.0

-9.3
LOW STRENGTH
CONCRETE

-20.3

1.0
1.0

-22.6

0.3

6.0

PLEISTOCENE

-21.5
GRAVEL

[Fig. 11] Opening of Diaphragm Wall

DIAPHRAGM WALL

UNDERWATER
CONCRETE

DIAPHRAGM WALL

The diaphragm walls situated on the opposite
side of the sealing block also have to be
penetrated by the TBM and were therefore
designed to be unreinforced in the area of the
TBM passage. To prevent the earth pressure
acting on this unreinforced diaphragm walls
during the underwater excavation of the sealing

BOTTOM DIAPHRAGM WALL -37.0
LAYER OF KEDICHEM
BOTTOM DIAPHRAGM WALL -41.0

[Fig. 13] Longitudinal Section through Sealing Block at
Blijdorp Station with the Transition Zone that was Replaced by
GFRP Reinforcement in the Left Sided Diaphragm Wall
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above the groundwater table it is compacted
using the deep vibro compaction method.
Just before the arrival shaft a monolithic block
of jet grouting of about 15,000 m³ is installed
beneath and next to the railway embankment
of the central station. The jet grout block is
reaching until the sealing block, protecting
the unreinforced diaphragm wall against earth
pressure during the underwater excavation of
the sealing block.
The original proposal according to the client’s
design for the Blijdorp Station was to form
additional transition zones of lime-cement
columns, 4 and 6 m long, just before the two
sealing blocks for the break-in and break-out of
the TBM (shown in Fig. 13)
The method of lime-cement columns, also known
as dry deep mixing, refers to in-situ mixing of
soil with the addition of binders in a dry form.
The mixing is carried out by means of mechanical
equipment, typically using rotating single mixing
tools. The mixing tool is first rotated into the
soil down to the final depth of the column. The
binder is fed through a nozzle in the mixing
tool with compressed air from a separate binder
tank and is then mixed with the soil during
retraction of the mixing tool. The dry deep mixing
method was developed in Scandinavia for the soil
improvement of soft soil such as clay and peat. It
is not suitable for the improvement of sand layers
of larger extent, especially when the columns are
applied in an overlapping grid. High strength of
the lime-cement-columns in sand cause problems
during intrusion and retraction of the mixing tool
and bear the risk of loosing the mixing tool due
to breakage.

[Fig. 14] Lifting of GFRP-cage

The client’s design asked for transition zones
made of lime-cement columns that had to reach
until 8 m into the Pleistocene sand.
Züblin came up with an alternative option,
to apply glass fibre reinforcement in the
diaphragm walls, which had originally been
unreinforced and had to be driven through by
the TBM. The glass fibre reinforcement (GFRP
= glass fibre reinforced polymer) can easily be
crushed by the cutting wheel tools of the TBM.
The original transition zone of lime-cement
columns could completely be abolished by
applying the “soft eye” option.
Besides technical advantages it was a faster and
cheaper option and was therefore accepted by
the client.
[Fig. 15] GFRP-cages in One Panel for Soft Eye
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Glass fibre reinforcement is manufactured by
a process whereby high-strength glass fibre
is drawn through a form and immersed in
synthetic resin. The impregnated fibres are
then drawn through a mold and toughened.
The result is a material with a very high tensile
strength, even much higher than conventional
steel. Perpendicular to the load carrying
direction of the fibres it can be trimmed very
easily, especially when it is embedded in
concrete. Together with the concrete the GFRP
bars will be crushed without major abrasion to
the TBM cutting wheel tools.

Above and below the GFRP-cages normal steel
reinforcement cages were brought into the
trench and joined with the GFRP-cages. Due
to the subdivision into pure glass fibre and
pure steel cages it was not necessary to use a
temporary steel frame for lifting (see Fig. 14).
Each glass fibre cage was equipped with two
layers of 32 mm GFRP-bars 160 mm centres
at the earth side and one layer at the side
of the sealing block. The shear forces in the
diaphragm wall are taken by GFRP double-head
anchor-bolts.

For each of the in total four break-in and
break-out situations at the Blijdorp Station a
trench panel of 7.5 m length was located in the
area of the later tunnel drive. In each of these
panels three reinforcing cages were installed
next to each other. To reduce the amount of
the expensive glass fibre reinforcement, the
height of the “soft eye” was just 7.5 m. That
means that the area of the “soft eye” is just
350 mm larger than the TBM borehead. This
measurement was determined by taking into
account the tolerance of the TBM drive and
the installation of the reinforcement cages.

[Fig. 17] Installation of GFRP-Cage

Summary
The execution of the diaphragm walls for all
three excavation pits was successfully finished
in spite of difficult ground conditions and
extraordinary dimensions. By now the launch
shaft is excavated, the base slab is cast and
the opening in the diaphragm wall and the
installation of the sealing construction for the
shield passage is completed. The TBM drive
successfully started at the of end 2005.

[Fig. 16] Connection GFRP-Cage with Steel Reinforcement Cages

Besides the large-scale diaphragm wall activities
this project is very special in regard to the
high concentration of different types of soil
improvement works at the starting and arrival
DFI JOURNAL Vol. 1 No. 1 November 2007 [25]

point of the TBM. At the starting point, where
the tunnel is still mainly situated in soft
Holocene clay and peat layers a monolithic
block of more than 38,000 m³ of lime-cement
columns has been created to increase the
stiffness of the soil.
Permeation grouting has to be installed
underneath a running railway line, where
the tunnel crosses the loose packed sand
embankment. Soft gel grouting is used at this
position to prevent liquefaction of the sand and
to prevent the communication of the ground
water tables in the Pleistocene and in the sand
deposit. Furthermore, a block of hard gel
grouting has to be created in order to stabilise
existing wooden piles that will be cut off during
the tunnel boring process and to transfer the
toe load of these piles to a higher level so they
do not penetrate the tunnel lining.
Before the TBM reaches the arrival shaft next
to the central station it has to cross the main
railway embankment of the central station.
Underneath and next to this embankment a
monolithic block of jet grouting of around
15,000 m³ has to be installed. One third of these
jet grout columns, that have to be installed
below the embankment, will be produced with
an inclination of less than 45° and a length of
24 m from besides the embankment.
Furthermore, gound freezing is going to be used
to build in total five cross passages between the
twin tunnel tubes.

[Fig. 19] TBM in Start Seal
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Drilled shafts are widely adopted as the foundation for sound walls. However, there has been a lack of
uniformity in design and analysis methods and design criteria, in terms of factor of safety against ultimate
capacity failure as well as the allowable deflection. In order to establish a uniform design methodology for
the drilled shafts supporting sound walls in cohesive and cohesionless soils, respectively, a database of fullscale lateral load tests on fully instrumented drilled shafts was collected. Based on the compiled database,
existing design methods and design criteria of laterally loaded drilled shafts were evaluated. Broms method
and COM624P (or LPILE) are suggested as the design methods for drilled shafts supporting sound walls
in both cohesive and cohesionless soils. Additionally, the corresponding design criteria, including factor
of safety and permissible deflection, for both design methods are recommended. Two full-scale lateral
load tests on fully instrumented drilled shafts were subsequently conducted in Colorado to further verify
the design recommendation. A comprehensive geotechnical investigation program was also carried out
at the two new lateral load test sites that included pressuremeter test, SPT, as well as laboratory triaxial
consolidated undrained tests and direct shear tests on the soil samples taken from the lateral load test
sites. The test results obtained at these two load test sites were employed to validate the recommended
geotechnical design and geotechnical testing methods for the drilled shafts supporting sound walls.

Introduction
Sound walls are frequently constructed along
portions of highways nearing residential
areas. Due to economy and simplicity, drilled
shafts have been widely used as foundations
for sound walls. The primary loadings to
sound wall foundations are lateral loads and
moments from wind loads. The most common
methods used by most of state Department
of Transportation (DOT) for design of drilled
shafts under lateral loads from wind loads are
divided into two categories:
• Ultimate capacity based design methods to
ensure adequate margin of safety (e.g., Brinch
Hansen method 1961, Broms method 1964a and
1964b, Davidson et al. 1976, Bang & Shen 1989);
• Serviceability design methods to ensure that
shafts lateral displacement is smaller than
a predefined tolerable displacement (e.g.,
NAVFAC DM-7 1971, COM624P or LPILE).
Different engineers even in the same DOT use
different design methods. The factor of safety
(FS) and permissible deflections used with these
methods are not uniform, sometimes even for
the same design method. These methods are
not intended to provide comparable levels of
safety because they are for different purposes;
if they provide comparable FS then one method
will be adequate. Methods for determining
pertinent soil parameters needed in both types
[28] DFI JOURNAL Vol. 1 No. 1 November 2007

of analysis (ultimate capacity and deflection
prediction) also differ and have not been
consistently evaluated for their applicability and
accuracy. All these factors make the design very
conservative and lack uniformity that could lead
to high construction costs for these shafts.
Several past research studies were conducted
to identify the appropriate design approach
for sound walls. Boghrat (1990) discussed and
compared four other design methods (TRR
616 method, Woodward and Gardner method,
New York Department of Transportation
Method, and North Carolina Method) by
using hypothetical cases; however, no design
recommendation was made due to the lack of
full-scale field test data for verification. Helmers
et al. (2000) conducted lateral load testing
on model drilled shafts having diameters of
203 mm (8 inches) or 229 mm (9 inches) in
partially saturated silts and clays at five sites
in Virginia. A comparison between measured
lateral capacities and predicted values by using
Broms method (1964b) and Brinch Hansen
method (1961) was performed. Based on the
comparison, the use of Brinch Hansen method
(1961) was recommended for the design of
drilled shafts to support sound walls in partially
saturated silts and clays, in which a reduction
factor of 0.85 on the predicted capacity was
also suggested.

It can be seen that previous studies have not
been validated with prototype load test data.
In this study, therefore, full-scale lateral load
test data is used to identify the suitable design
methods and acceptance criteria for the drilled
shafts to support sound walls in cohesive and
cohesionless soils, respectively. The current
practice including analysis methods and
acceptance criteria are critically reviewed. The
correlations between SPT N values and soil
parameters are reviewed and summarized
in this paper. A lateral load test database on
the drilled shafts supporting sound walls was
collected to consist of seven full-scale field
tests of fully instrumented drilled shafts in
clay conducted in Ohio (Liang, 1997) and five
tests in sand from open literature (Bhushan
et al. 1981). Based on the selected database
and soil parameters determined from Liang’s
SPT correlation charts (Liang, 2002), the most
common design methods presented before
were evaluated by comparing the predictions
from these design methods with results from
lateral load tests. Based on this evaluation,
appropriate design methods and acceptance
criteria for drilled shafts to support sound
walls in cohesive soils and cohesionless soils
are identified. A design approach incorporating
both strength limit based design and the
serviceability based analysis was recommended
that ensures a more consistent design outcome
with comparable margin of safety from both
capacity and deflection viewpoints. Furthermore,
two lateral load tests of fully instrumented
drilled shafts constructed at a sand soil deposit
and a clay soil deposit, respectively, near
Denver, Colorado were conducted by Nusairat,
et al. (2004). A comprehensive geotechnical
investigation program was also carried out at
the two new lateral load test sites that included
pressuremeter test, SPT, as well as laboratory
triaxial consolidated undrained (CU) tests and
direct shear tests on the soil samples taken from
the lateral load test sites. This also allowed for
evaluation of the accuracy of various testing
methods for determining the soil parameters
for the design methods for sound walls. The
overall test results were used to verify the
recommended design and testing methods.

Review of Current Practices
Analysis Methods
In current practice, both allowable deflection
based design methods and strength limit based
design methods described in the following are

used for sound wall foundation design (Nusairat
et al., 2004).
Brinch Hansen method (1961) is based on earth
pressure theory for c-w soils. The method is
only applicable for short piles (drilled shafts),
and a trial-and-error procedure is needed in
the calculation to locate the point of rotation.
Broms method (1964a, 1964b) is only suitable
for homogeneous soils, either cohesive soils or
cohesionless soils. However, it can be applied
to short drilled shafts or long drilled shafts;
and the shaft head can be free or restrained. In
AASHTO “Guide Specifications for Structural
Design of Sound Barriers, 1989”, the Sheet Piling
Method is suggested for the design of piles
supporting sound barrier walls. The Sheet Piling
Method was initially developed for sheet piles
embedded in cohesionless soils. For cohesive
soils, assumption of friction angle has to be
made and the cohesion is assumed to be zero.
Since it is rather difficult to make any rationale
assumption about the equivalent friction angle,
the Sheet Piling method is not used in this
paper for drilled shafts embedded in clay.
NAVFAC DM-7 method (1971) is based on Reese
and Matlock’s (1956) non-dimensional solutions
for laterally loaded piles with soil modulus
assumed proportional to depth. The limitations
of NAVFAC DM-7 method (1971) are that the
lateral load cannot exceed about 1/3 of the
ultimate lateral load capacity and only elastic
lateral response can be predicted. COM624P
(Wang and Reese, 1993) program based on
p-y method (Reese et al., 1974 and 1975), or the
equivalent commercial program, LPILE, has been
widely used for decades. This method treats soil
as Winkler foundation which may introduce a
small amount of inaccuracy because it ignores
the interactions between the discrete springs.
Design Criteria
For ultimate capacity based design methods,
an appropriate FS has to be determined. In
Colorado Department of Transportation (DOT)
practice, 2.5 to 3 have been adopted as an
overall FS (Nusairat et al., 2004). In this paper,
the FS in the range of 2 to 3 will be investigated.
For service limit based design methods, the
allowable deflection at ground level needs to be
known for the design of drilled shafts to support
sound walls. According to Colorado DOT practice
(Nusairat et al., 2004), 0.25 to 0.5 inch (6.4 to 12.7
mm) of deflection at the ground line is considered
to be acceptable. Most engineers cited 1 inch
DFI JOURNAL Vol. 1 No. 1 November 2007 [29]

(25.4 mm) at the ground under service loading
conditions as a maximum, and some stated that
deflections greater than 1 inch (25.4 mm) may
be acceptable in some situations. Deflections at
the bottom of the shafts are normally checked to
ensure that it is a very low number to be nearly
equal to zero. A tilting of the sound barrier walls
of 0.833% was established for a big project in
Colorado. This was selected based on aesthetic
not structural concerns. In Ohio DOT practice, the
allowable wall top deflection is 1% -1.5% of wall
heights (Liang, 2002).

shaft top deflection could be calculated from
Equation 1 based on Colorado DOT and Ohio
DOT permissible deflections at wall top.
Therefore, a range of permissible deflections at
drilled shafts head (0.6”, 1.0”, and 1.5” or 15,
25.4, and 38.1 mm) will be investigated.
Soil Parameters Determination Methods
The soil parameters for p-y analysis and
capacity based design methods could be
obtained from geotechnical laboratory tests,
SPT tests, and pressuremeter tests. Because
the soil information given in the selected test
database (to be introduced later) are basically in
the form of SPT boring logs; the soil parameters
in this study are determined from correlations
with SPT N values for consistency. Anderson
and Townsend (2001) evaluated several existing
SPT correlations (such as Terzaghi, 1955)
against 24 SPT test data in cohesionless soils
based on p-y analyses. They concluded that
little difference exists and the correlations
are conservative. The SPT correlations for clay
(such as Hegedus and Peterson, 1988) and
aforementioned SPT correlations for sand were
investigated against 21 lateral load tests in sand
and 37 lateral load tests in clay by Liang (2002).

A relationship between the wall top deflection
(∆w) and the shaft head deflection (∆p) can be
derived as follow, if rigid body rotation of shaft
and wall along shaft tip is assumed.
⌬p = ⌬w

L

(1)

Hw+L

in which, Hw is the distance between wall
top and ground line; and L is the length of
embedded drilled shafts. Considering typical
drilled shaft length of 9 to 15 feet (2.7 to 4.6 m)
and wall height of 14 to 18 feet (4.3 to 5.5 m)
in Colorado DOT and Ohio DOT practice, then
0.6 to 1.5 inch (15 to 38.1 mm) of permissible

[Table 1] Correlations of SPT for Cohesive and Cohesionless Soils (After Liang, 2002)

Cohesive Soils
SPT-N60

0 to 2

2 to 4

4 to 8

8 to 16

Su (psi)

0 to 1.88

1.88 to 3.75

3.75 to 7.53

7.53 to 15.00

> 0.02

0.02 to 0.01

0.01 to 0.007

0.007 to
0.005

15.00 to
30.00
0.005 to
0.004

< 30

30

100

500

1000

2000

100 to 120

110 to 130

110 to 130

120 to 135

130 to 145

140 to 145

ε50
ks(lb/
in3)
γsat (pcf)

16 to 32

32 to 64
30.00 to 55.6
0.004 to
0.002

Cohesionless Soils
SPT-N60

2 to 4

4 to 10

10 to 20

20 to 30

30 to 50

50 to 60

φ(º)
ks
(lb/
in3)

28-29

29-31

31-34

34-37

37-42

42-45

A. W. T

20-25

25-60

60-90

90-160

160-240

240-260

B. W. T.

15-20

20-40

40-60

60-90

90-130

130-150

120 to
124 to 128 128 to 130
125
γmoist
(pcf)
128 to
Max.
114 to 118
120 to 124 122 to 130
130 to 145 140 to 145
132
Note: Su = undrained shear strength; ε50= strain at 50% of maximum deviatoric principle stress; ks =
coefficient of subgrade reaction modulus; γsat = saturated density of soils; φ = friction angle; γmoist =
wet density of soils; A.W.T. = above water table; B.W.T. = below water table.
Min.

104 to 108

108 to 112

115 to 120

1 psi = 6.9 kPa; 1 lb/in3 = 27.7 g/cm3; 1 pcf = 16 kg/m3.
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The correlation study and extensive sensitivity
study have led Liang (2002) to propose modified
SPT correlations shown in Table 1, which could
provide best match with p-y analysis results.
Because the correlation suggested by Liang
(2002) was intended for deriving soil parameters
for COM624P (or LPILE) program, it was adopted
in this study to obtain necessary soil parameters
from SPT N values.
Lateral Load Test Database
There are quite a few lateral load test data
available in the literature, such as Florida
Department of Transportation’s database
compiled by the University of Florida. However,
only a small part of the existing test data is
related to the shaft diameter between 20 inch
(508 mm) and 36 inch (914 mm) and shaft
length between 6 feet (1.8 m) and 20 feet
(6.1 m), which are commonly found for sound
wall foundations. After examining the available
test data, only 7 lateral load tests in clay were
selected from load tests in Ohio (Liang, 1997),
and 5 load tests in sand by Bhushan et al. (1981)
was selected. To enlarge the database for drilled
shaft tests in sand, drilled shafts with 42 inch
(1.1 m) and 48 inch (1.2 m) diameter were also
included. The undrained shear strength of
cohesive soils and friction angle of cohesionless
soils were determined using Liang (2002)
correlation. The average weighted strength
values for the entire soil layer are summarized

in Table 2. The information of drilled shaft
dimension and the moment arm (the distance
between load points and ground level) are also
included in Table 2.
Usually, lateral load tests do not reach the stage
of complete soil failure; therefore, the ultimate
lateral capacity is not directly available from
test results. There are two kinds of failures: one
is the drilled shaft structure failure, the other
one is the failure of soils which is defined as
the appearance of excessive deflection under
very small increment of load. Kulhawy and
Chen (1995) developed a hyperbolic curve fit
technique to simulate the non-linear loaddeflection behavior and to predict the ultimate
capacity of piles (drilled shafts). The hyperbolic
equation in terms of the lateral load (H) and the
lateral deflection (␦) can be expressed as follows:

H=

␦
a+b␦

(2)

where a and b are curve fitting constants. The
ultimate lateral load capacity is defined as
the deflection ␦ become infinite large and is
calculated as 1/b.

Evaluating Results and Recommendations
Ultimate Capacity Based Design Methods
For drilled shafts in cohesive soils, Fig. 1 presents
the comparison of measured over predicted

[Table 2] Selected Lateral Load Tests

Undrained
Friction
Shear
Embedded
Soil Type
Angle
Strength
Length (ft)
(degree)
(psi)
Pier 1
0
39
17
Pier 4
0
41
18
Sand
Pier 5
0
41
18
Pier 6
0
40
18
Pier 7
0
40
18
I70S1
23
0
9.5
I70S2
23
0
9.5
I-90P100
18.7
0
10
Clay
I-90P101
18.7
0
12
I-90S1
22.2
0
8.7
I-90S2
22.1
0
8.4
I-90S3
22.6
0
12
*
Moment Arm is the distance between load point and ground line.
Testing
Shaft

Moment
Arm* (ft)

Diameter
(inch)

0
0
0
0
0
0
0
0
0
10
10
10

42
24
36
36
48
30
30
36
30
30
30
30

1 psi = 6.9 kPa; 1 ft = 0.305 m; 1 inch = 25.4 mm.
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capacities using Broms and Brinch Hansen
methods. The I70S2 test is not evaluated because
the measured capacity could not be obtained. For
the cases with zero feet of moment arm shown
in Table 2, Broms method provides very close
estimates with test results, except for one case. On
the other hand, Brinch Hansen method provides
aggressive and unsafe predictions in these cases.
It seems that Broms method provides better
prediction capability than Brinch Hansen method
for these cases. For the three cases with 10 feet
(3 m) moment arm shown in Table 2, Broms and
Brinch Hansen method provide similar results.
The ratio of the measured over the predicted
capacities ranges from 2.0 to 2.5. Thus, it is found
that Broms method and Brinch Hansen method
provide much more conservative predictions on
drilled shafts subjected to combined lateral load
and moment than just lateral load. In general,
Broms method provides more accurate and safer
prediction than Brinch Hansen method.

others; while Brinch Hansen method appears
to provide unsafe prediction in one case. It is
prudent to adopt a relative conservative method
since load tests for evaluation were selected
from one source. Therefore, Broms method
(1964b) is suggested for estimating the ultimate
capacity of drilled shafts in sand.
Service Limit Based Design Methods
The performance of COM624P (Wang and
Reese, 1993) and NAVFAC DM-7 (1971) were
investigated against the load test results
in database. For drilled shafts in cohesive
soils, comparisons among test results and
analysis results of COM624P and NAVFAC
DM-7 of drilled shaft I70S2 and I90S3 provide
representative results as shown in Fig. 3 (a)
and (b). It can be seen that NAVFAC DM-7
overpredicts deflections; while COM624P
provides good agreement with measured loaddeflection curves at initial portion and provides
safe results in the non-linear portion.
60

Load (kips)

50
40
30
20

Test Results
Hyperbolic Fit
COM624P
NAVFAC DM-7

10
0
0

[Fig. 1] Measured Over Predicted Capacities of Drilled Shafts
in Clay

0.2

0.4
0.6
Deflection (in.)

0.8

1

(a) Shaft I70S2

120
100
Load (kips)

For drilled shafts embedded in cohesionless
soils, Fig. 2 provides the comparison of
measured over predicted capacities by various
methods. All methods provide conservative
predictions for most of the cases. Broms method
provides more conservative estimates than

80
60
40

Test Results
Hyperbolic Fit
COM624P

20

NAVFAC DM-7
0
0

1

2
Deflection (in.)

3

(b) Shaft I90S3

(1kip = 4.448 kN; 1 inch = 25.4 mm)
[Fig. 2] Measured Over Predicted Capacities of Drilled Shafts
in Sand
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[FIG.] 3 Load-Deflection Curves at Head of Drilled Shafts

4

permissible deflections are acceptable from a
geotechnical capacity viewpoint.
5
4.5
4
Measured/Predicted

For drilled shafts in cohesionless soils, the
result of Pier 5 provides typical comparisons
among test results and analysis results of
COM624P and NAVFAC DM-7 as shown in Fig.
4. Similar to the cases in clay, it can be seen
that the NAVFAC DM-7 method provides larger
deflection than measured in the initial portion;
while COM624P provides good predictions in
the initial portion of load-deflection curves but
overpredicts deflection at high load levels.

3.5

0.6 inch

3

1 inch
1.5 inch

2.5
2
1.5
1
0.5
0
I70S1

I70S2

I-90P100 I-90P101

I-90S1

I-90S2

I-90S3

(a) At clay sites

(1kip = 4.448 kN; 1 inch = 25.4 mm)
[Fig. 4] Load-deflection Curves at Head of Drilled Shaft Pier 5

Based on above evaluation results, COM624P
(or equivalent program LPILE) is recommended
for the service limit based design of the drilled
shafts supporting sound walls in cohesive and
cohesionless soils, since NAVFAC DM-7 cannot
predict the load-deflection behavior well and
the prediction is linear.
Factor of Safety and Permissible Deflection
To establish a sense of linkage between
the shaft deflection and shaft capacity, the
normalized ratios of measured over predicted
capacities using COM624P according to different
permissible deflection criteria (e.g., 0.6 inch,
1 inch, and 1.5 inch or 15, 25.4, and 38.1 mm)
are presented in Fig. 5(a) and (b) for drilled
shafts in clay and sand, respectively. From
Fig. 5(a), one can see that the normalized ratio
ranges from 1.2 to 1.8, for the cases with zero
moment, and from 3.3 to 4.7 for the cases with
combined lateral load and moment, respectively.
From Fig. 5(b), it can be seen that the factor of
safety ranges from 3.3 to 7 for 0.6 inch (15 mm)
permissible deflection, from 2.7 to 4.5 for 1
inch (25.4 mm) permissible deflection, and from
2.3 to 3.4 for 1.5 inch (38.1 mm) permissible
deflection. All of the normalized ratios are larger
than 1, which seems to suggest that all three

(b) At Sand Sites

(1 inch = 25.4 mm)
[Fig 5] Measured Over Predicted Capacities of Drilled Shafts
at Various Permissible Deflections

The lateral wind loads applied to sound
walls usually produce the accompanying
moments. From Fig. 1, it appears that Broms
method prediction is about ½ of the measured
ultimate capacity for combined lateral load
and moment. If a FS of two is applied to
Broms method, the actual margin of safety
is about 4. In considering both capacity and
deflection, then a FS = 2 and allowable shaft
head deflection of 1.0 inch (25.4 mm) seem to
be appropriate for sound walls. It should be
emphasized that this conclusion was derived
from drilled shaft geotechnical response, not
from structural consideration of sound walls.
Recommended Design Methodology
The design methodology for drilled shafts
supporting sound walls is suggested as
follows. First, Broms method and a FS of two
are recommended to be used to determine the
DFI JOURNAL Vol. 1 No. 1 November 2007 [33]

required drilled shaft length with known shaft
diameter. Then, COM624P computer program
(or LPILE) shall be used to check whether the
deflection at drilled shaft head under the design
load exceeds the permissible deflection of 1.0
inch (25.4 mm) or a deflection value designated
by a structural engineer. If the deflection is less
than or equal to the permissible deflection, the
drilled shaft length designed by Broms method
is acceptable. Otherwise, if deflection criterion
controls, then COM624P computer program
(or LPILE) should be run to determine the shaft
length such that the design load would not
result in deflection which is more than the
permissible deflection.

a sand deposit. A comprehensive geotechnical
investigation program was also carried out
at the two new lateral load test sites that
included pressuremeter test (PM), SPT, as well
as laboratory triaxial consolidated undrained
(CU) tests and direct shear tests on the soil
samples taken from the lateral load test sites
(See Nusairat et al. 2004 for complete details).
Pressuremeter test results were employed to
indirectly estimate the soil strength values
using the FHWA (1989) equation for clay site.
Liang (2002) correlations were used for SPT test
data interpretation. Interpreted soil strength
parameters for clay and sand sites are tabulated
in Tables 3 and 4, respectively.
Table 5 provides the calculated capacity and
ratio of measured capacity over predicted
capacity of test drilled shafts in clay and sand
site using Broms method and various soil
parameter determination methods. It can be
seen that the soil parameters from laboratory
tests (e.g. triaxial CU test or direct shear
test), provide the most accurate capacities as
compared with those measured for clay site.
For sand site, soil parameters interpreted from
Liang’s (2002) SPT correlation provides the best
estimate on capacity of drilled shafts.

Validation of Recommended Design
Methodology
In order to validate the recommended design
methodology for drilled shafts supporting
sound walls, two full-scale field lateral load
tests on fully instrumented drilled shafts
have been conducted in Colorado (Nusairat
et al., 2004). The test drilled shafts with
diameter of 30 inch (762 mm) and length of
16 feet (4.9 m) were originally designed for
supporting sound walls in a clay deposit and

[Table 3] Undrained Shear Strength of Colorado Clay Interpreted from Various Soil Testing Methods

Soil Layers
(ft)

SPT
Su

N values

Lab Test

Pressuremeter

Su (psi)

Su (psi)

18.3

16.2

0-2.5

12

(psi)
11.3

2.5-4.5

12

11.3

15

16.2

4.5-6.5

15

14

14.4

16.2

6.5-10

9

8.5

13.7

8.8

10-12.5

4

3.75

9.4

8.8

12.5-16

8

7.53

11.7

10.9

Su = Undrained Shear Strength; 1 ft = 0.305 m; 1 psi = 6.9 kPa.

[Table 4] Cohesion and Friction Angle of Colorado Sand Interpreted from Various Soil Testing Methods

Soil Layers
(ft)

Pressuremeter

SPT

Direct Shear Test

c’ (psi)

’ (degree)

N Values

 (degree)

c’ (psi)

’ (degree)

0-4
4-6
6-9
9-15
15-15.7

9.7
9.7
5.6
11
11

34
34
28
27
27

13
8
10
7
7

36

2.3
2.3
2.3
0.7
0.7

41.1
41.1
41.1
39.5
39.5

31
33
29
29

c’ = Drained cohesion; ’ = Drained friction angle;  = Undrained friction angle; 1 psi = 6.9 kPa; 1ft = 0.305 m.
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Table 5 Calculated Lateral Capacity of Drilled Shafts for CDOT
Test Sites

Broms
Method
(kips)

Soil
Parameters

Measured/
Predicted

Clay Site
71
108
98

SPT Liang
Lab Test
PM (FHWA)

1.9
1.3
1.4

Sand Site
SPT Liang
Direct Shear
PM

91
131
84

1.05
0.73
1.14

(1kip = 4.448 kN)
Fig. 6 shows the comparison of measured and
predicted load-deflection curves using soil
parameters interpreted from laboratory test
for clay site and SPT test for sand site. It can be
seen that the predicted load-deflection curve
matches the load test in clay site, especially
in the initial portion of the curves. Although
COM624P overpredicts the deflections for
drilled shafts in sand, the prediction is still
reasonable and is on the safe side.
90
80

Load (kips)

70
60
50
40
30

Measured - Clay
COM624P - Clay
Measured - Sand
COM624P - Sand

20
10
0
0

0.5

1

1.5

2

Deflection (in.)

(1 kip = 4.448 kN; 1 inch = 25.4 mm)
[FIG. 6] Load-deflection Curves at Head of Drilled Shafts
Tested in Colorado

Conclusions
Various existing methods for predicting
ultimate capacity and deflection of drilled
shafts supporting sound walls were evaluated
in this paper using data of load test database
carefully selected from literature and Ohio’s
test results, and two new lateral load tests
performed in Colorado on sandy and clayey soil
sites. Methods including the Broms, COM624P,
Sheet piling, Brinch Hansen, and NAVFAC DM-7

were evaluated. Based on this evaluation, a
design methodology for the drilled shafts
supporting sound walls is recommended. Broms
method (1964a, 1964b) with a FS of two is
suggested for ultimate capacity based design
for drilled shafts in cohesive and cohesionless
soils. The deflection at the drilled shaft head
designed by Broms method should be checked
to be less than a permissible deflection of 1
inch (25.4 mm) or a deflection value designated
by a structural engineer, by using COM624P
(or LPILE). If it exceeds permissible deflection,
COM624P (or LPILE) should be used to
determine the appropriate drilled shaft length.
Appropriate geotechnical test methods are
recommended for obtaining relevant soil
parameters for various design methods. For
clay, the most appropriate soil testing method
is lab test, e.g. triaxial unconfined undrained
test, consolidated undrained test or direct shear
test. For sand, SPT with Liang (2002) correlation
provides the best soil strength interpretation.
Pressuremeter test would provide reasonable
soil strength interpretation as well.
The recommendations provided in this paper
will result in more uniform, consistent, and
cost-effective design and testing methods for
the drilled shafts supporting sound walls. This
uniformity ensures that fewer manhours are
needed in deciding on analysis methods. Rather,
engineers can focus more on the determination
of high quality soil parameters for input into
the analysis. This paper recommended lower
FS than often used by the design engineers and
geotechnical tests that will generate higher
strength values than what is often assumed in
the design. This will lead to significant savings
in future sound wall projects. The proposed
design/analysis approach for I-225 project
in Colorado has been shown to reduce the
required drilled shaft length by 25% compared
to original Colorado DOT design approach.
For a project that involves a large quantity of
drilled shaft construction, or when a unique soil
condition and complex loading combination
exist, the lateral load test prior to final design
decision could potentially offer cost saving to
the project.
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Ground Movements – A Hidden Source of Loading on
Deep Foundations
Harry G. Poulos, Coffey Geosciences, Sydney, Australia; +61 2 9911 1000; harry_poulos@coffey.com.au
Ground movements can arise from a large number of sources and can have a significant effect on
nearby piles and deep foundations. The loading of the piles by ground movements is a different
mechanism to that arising from direct applied loading to the pile head, and consequently it is not
generally possible to adequately analyze the effects of ground movements simply by applying
some type of equivalent loading to the pile head. The main effects of ground movements are the
development of additional movements, axial forces and bending moments in the piles, and thus the
key design aspects are related to movements and to the structural integrity of the pile. However,
the ultimate geotechnical load carrying capacity is generally not affected by the ground movements
themselves.
This paper will describe an approach to the analysis of ground movement effects on piles, considering
axial and lateral movements separately. Some of the main features of pile response will be discussed
for three specific problems involving ground movements:
1. Piles near and within embankments;
2. Piles near an excavation for a pile cap;
3. Piles subjected to seismic ground motions.

Introduction
There are many circumstances in which pile
foundations may be subjected to loadings
arising from vertical and/or lateral movements
of the surrounding ground. Fig. 1 illustrates
a number of these circumstances. In such
cases, at least two important aspects of pile
foundation design must be considered:
1. the movements of the piles caused by the
ground movements
2. the additional forces and/or bending
moments induced in the piles by the
ground movements, and their effect on the
structural integrity of the piles.
Problems involving the effects of ground
movements on piles may be analyzed in at least
two ways:
1. Via a complete single analysis (generally
numerical) involving modelling of the
pile, the soil and the source of the ground
movements. This will give a complete
solution for the behaviour of both the soil
and the pile.
2. Via a simplified approach involving initial
separation of the soil and the pile (“substructuring”) so that the soil movements are
first computed and then imposed on the
pile. In this approach, the focus is generally
placed on the behavior of the pile.

Consolidation

Slope instability

Expansive soil

Piles near an
embankment

Piles near tunnelling
operations

Excavation

Installation of
adjacent piles

Construction of
adjacent building

[Fig. 1] Some Sources of Ground Movements

This paper summarizes a consistent theoretical
approach to the analysis of ground movement
effects on piles, for both vertical and horizontal
movements, which falls into the second
category. Two distinct stages are involved in
this analysis:
1. Estimation of the “free-field” soil
movements which would occur if the pile
was not present;
2. Calculation of the response of the pile to
these computed ground movements.
Some specific cases of ground movement are
then considered, and in each case, a discussion
is given of the general features of pile behaviour
revealed by the theory, and typical applications
to practical field cases are described.
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Analysis of Pile Response to Externally
Imposed Soil Movements

allowed for, thus allowing a nonlinear response
to be obtained.

Axial response

The analysis has been implemented via
FORTRAN computer programs, including a
proprietary program called ERCAP, and in an
alternative approach, via the program PALLAS
(Hull, 1996).

The analysis used for axial response of the pile
has been described by Poulos and Davis (1980)
and has been used to analyze problems of
negative friction of piles in consolidating soil,
and of tension and uplift of piles in expansive
soil. It employs a simplified form of boundaryelement analysis, in which the pile is modelled
as an elastic column and the surrounding soil as
an elastic continuum.
The pile is divided into a series of cylindrical
elements. The vertical movement of each
element is related to the applied load,
the pile-soil interaction stresses, the pile
compressibility, and the pile tip movement.
The vertical movement of each supporting soil
element depends on the pile-soil interaction
stresses, the modulus or stiffness of the soil,
and also on any free-field movements that may
be imposed on the pile. To simulate real pile
response more closely, allowance may be made
for slip at the pile-soil interface, i.e., the pile-soil
interaction stresses cannot exceed the limiting
pile-soil skin friction.
The above analysis has been implemented via a
FORTRAN computer program, PIES (Poulos 1989).
The analysis of axial pile response requires a
knowledge of the pile modulus, the distribution
of soil modulus and limiting pile-soil skin
friction with depth, and the free-field vertical
soil movements. The assessment of the pile-soil
parameters (in particular the soil modulus and
limiting pile-soil skin friction) has been discussed
by several authors (e.g. Meyerhof 1976; de Cock
and Legrand, 1997; Poulos 1989, 2001).
Lateral response
Details of the lateral-response analysis have
been given by Poulos and Davis (1980), and it
also relies on the use of a simplified boundary
element analysis. In this case, the pile is
modelled as a simple elastic beam, and the soil
as an elastic continuum. The lateral displacement
of each element of the pile can be related to the
pile bending stiffness and the horizontal pile-soil
interaction stresses. The lateral displacement of
the corresponding soil elements is related to the
soil modulus or stiffness, the pile-soil interaction
stresses, and the free-field horizontal soil
movements. A limiting lateral pile-soil stress can
be specified so that local failure of the soil can be
[38] DFI JOURNAL Vol. 1 No. 1 November 2007

Group Effects
The analysis of ground movement effects on
groups of piles has been reported by several
authors, for example, Kuwabara and Poulos
(1989), Teh and Wong (1993), Chow et al (1990),
Xu and Poulos (2001). All these authors have
found that under purely elastic conditions, group
effects tend to be beneficial to the pile response
as compared to single isolated piles, i.e. the
group effects tend to reduce the pile movement
and the forces and moments induced in the
piles. This is especially so for the inner piles
within a group, which, because of the pile-soilpile interaction are, in effect, “shielded” from the
soil movements by the outer piles. Experimental
work reported by Chen (1994) indicates that the
ultimate lateral pile-soil pressures are affected
to some extent by grouping and that the group
effect may either increase or decrease the pile
response, depending on the pile configuration
and spacings.
From the viewpoint of design, it is generally
both convenient and conservative to ignore
group effects and analyze a pile as if it were
isolated. Thus, in the remainder of the paper,
attention is concentrated on ground movement
effects on single isolated piles.

Loading Via Ground Movements Versus
Direct Applied Loading
There is a widespread misconception that
the effects of externally imposed ground
movements on piles can be estimated by the
application of equivalent loadings at the pile
head. To illustrate the consequences of this
procedure, the case in Fig. 2 has been analyzed.
A single pile in a two-layer soil profile is
considered, and the pile is subjected to the
following sources of loading:
• An applied vertical load of 1.0 MN
• An applied lateral load of 0.1 MN at the pile head
• Vertical ground movement profile which
decreases from 100 mm at the ground surface
to zero at a depth of 12 m

• A lateral ground movement profile which also
decreases from 100 mm at the ground surface
to zero at 12 m depth.
P = 1.0MN
100mm

12

8

LAYER 1
E s = 15MPa
f s = 25kPa

pile. Again, it can be seen that the distribution
of induced bending moment is very different
for applied loading and for lateral ground
movement. In the latter case, the maximum
moment occurs well below the pile head, near
the bottom of the zone of ground movement.
The maximum bending moment under the
combined loadings is also at the latter location,
since the moment due to the applied loading
is virtually zero where the moment due to the
lateral ground movements is largest.

ASSUMED GROUND
MOVEMENT PROFILES
LAYER 2
Es = 120MPa
fs = 100kPa
fs = 1.8MPa

Bending Moment MNm
-0.1

0

0.1

0.2

0.3

0

0.100 MN Load Only
2

[Fig. 2] Typical Problem Analyzed
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[Fig. 4] Comparison of Lateral Responses

In terms of practical pile design, the above example
demonstrates the following important points:
• The effects of ground movements can not be
simulated accurately by the application of a
load to the pile head;
• The superposition of axial load distributions
due to axial applied loading and vertical
ground movements may underestimate the
maximum axial load in the pile;

4

16

6

Depth m

Fig. 3 shows the computed axial load
distributions for the applied load acting
alone, the vertical ground movement acting
alone, and the applied load and the ground
movement acting together. It can be seen that
the distributions of axial load in the pile due
to applied loading are very different from
those induced by the ground movements. In
the latter case, the maximum axial load occurs
near the bottom of the upper soil layer which
is subjected to movement. It can also be seen
that the addition of the two profiles of axial
load gives axial loads which are less than those
computed for the combined loading and ground
movement case.

Axial Load Only
100 mm Soil Movement Only
Axial Load + 100 mm Soil Movement
Sum of Axial Load+100 mm Soil Movs

[Fig. 3] Comparison of Axial Responses

Fig. 4 shows the corresponding distributions of
moment computed for the lateral response of the

• The maximum load in a pile subjected to
lateral ground movements may occur well
below the pile head. In this particular case,
having the pile reinforced only to resist
applied lateral loading (for example, in the
upper 6 m or so) will be inadequate to resist
the ground-movement induced moments.
The pile may well fail structurally at a
considerable depth below the pile head.
Thus, it is important to consider the
possibility of ground movements in pile
design, and to allow for reinforcement to
resist deep-seated moments that may be
induced by these movements.
DFI JOURNAL Vol. 1 No. 1 November 2007 [39]

Generic Design Charts For Piles
Subjected To Soil Movements
Vertical Soil Movements
Design charts for the settlement and maximum
axial force in a single end bearing pile on rock
and subjected to vertical soil movements, have
been published by Poulos and Davis (1980),
While similar charts for a single floating or
friction pile have been presented by (Poulos,
1989; Poulos and Davis, 1980). Such charts
will tend to give upper bound values of both
pile settlement and induced pile force, because
there is no limit to the pile-soil shear stress that
is developed between the pile and the soil. In
reality, the existence of an ultimate skin friction
will result in a limit to the axial force and pile
movement that can be generated within a pile.
The use of elastic solutions therefore tends to
be conservative when applied to practical cases.
Corrections for pile-soil slip and other practical
effects are presented by Poulos and Davis (1980)
and Nelson and Miller (1992).
Lateral Soil Movements
If the distribution with depth of free-field
lateral movements can be simplified, it is
possible to develop useful design charts to
enable approximate assessment of the pile head
deflection and the maximum bending moment
in the pile. Chen and Poulos (1997, 1999) have
presented such charts, both for a pile in soil
subjected to a uniform movement with depth
(to a depth zs below the surface), and for a soil
in which the horizontal movement decreases
linearly with depth, from a maximum at the
surface to zero at a depth zs. These solutions
assume that the soil remains elastic, and
they therefore generally give an upper bound
estimate of the pile moment and deflection. The
extent of the possible over-estimation increases
with increasing lateral soil movements, due
to the progressive departure from elastic
conditions which results from the development
of plastic flow of the soil past the pile.
From a study of several examples, Chen and
Poulos (2001) have suggested the following
preliminary guidelines for the determination
of soil movements in making theoretical
predictions via the generic design charts :
1) For unstrutted excavations or relatively
small slope movements, a linear soil
movement profile, with a maximum value
at the ground surface and zero at a certain
[40] DFI JOURNAL Vol. 1 No. 1 November 2007

depth below the surface, may be adopted.
The maximum value may be estimated from
measured ground surface movements or
via appropriate empirical approximations
which relate movement to the height of the
retained soil, for example, Peck (1969).
2) For landslides involving relatively large soil
movements (for example, up to about 0.4
pile diameters), a uniform soil movement
profile may be adopted.
The above study by Chen and Poulos also
shows that the elastic design charts can give
reasonably good estimations of the lateral pile
response, provided that the ground movements
are not very large, for example, less than about
30-40% of the pile diameter.

Piles Near Embankments
Introduction
The construction of embankments on clay
can result in the development of substantial
immediate and time-dependent vertical and
horizontal movements of the soil beneath and
adjacent to the embankment. In situations
where bridge abutments adjacent to such
embankments are supported on piles, these
piles may experience significant axial and lateral
loads which are induced by the soil movements.
The design of abutment piles therefore requires
a proper consideration of the pile response
to the externally imposed soil movements,
including an assessment of the consequent
bending moment and lateral deflection profiles
of the piles.
Marche and Lacroix (1972), Heyman (1965), and
Heyman and Boersma (1965) have presented
field data of the lateral pile response to
embankment-induced soil movements. Poulos
and Davis (1980) have compared the results
of a boundary element analysis with this field
data, and have found fair agreement. Stewart
et al (1991, 1992) have conducted centrifuge
model tests of piles bridge abutments and
have developed an empirical procedure for
estimating the lateral deflection and bending
moment in a pile or pile group. Poulos (1996)
has compared various methods of analyzing
lateral pile behaviour, including some design
methods based on estimation of pressures
developed between the pile and the soil. Such
methods appear to be generally less reliable
than methods based on a proper pile-soil
interaction analysis.

Estimation of Ground Movements
Settlements beneath and near embankments
can, in principle, be predicted by conventional
methods of settlement analysis, whether they
are based on one-dimensional analysis, elasticbased analysis, or numerical analyses, such as
the finite element method or the program FLAC.
An important requirement for such settlement
predictions is to make allowances for nonlinear soil behaviour, including differences
in compressibility in the normally- and overconsolidated states, local yielding or failure
within highly-stressed zones, and the effects of
consolidation and creep.
In contrast, horizontal movements below and
near embankments are difficult to predict
accurately (e.g. Poulos, 1972) and it is often
more appropriate to make use of empirical
information on such movements. Bourges and
Mieussens (1979) have evaluated the results of a
number of field observations and recommended
a practical design approach which is
summarized here. They have found (see Fig. 5a)
that the significant parameters of the horizontal
displacement profile are:
• The ratio of layer depth (D) to mean
embankment width (B);
• The ratio of distance (X) of a point from the
crest, to the horizontal extent of the slope (Lw);
• The undrained shear strength su;
X

s
Pile

z

D

Cu

Z
(a) Definition of Embankment Geometry

0

0

Y = 1.83Z3 – 4.69Z2 + 2.13 Z +0.73

(1a)

• Curve 2 (where the compressible layer lies
several metres below the surface):
Y = -2Z3 + 1.5Z + 0.5

(1b)

• Curve 3 (where the soil compressibility is
reasonably uniform with depth):
Y = 3.42Z3 - 6.37Z2 + 2.14Z + 0.81

(1c)

where Y = dimensionless horizontal
displacement = ρh / ρhmax
ρh = horizontal displacement
ρhmax = maximum horizontal
displacement
Z = z/D = dimensionless depth.
The magnitude of the maximum horizontal
displacement, ρhmax, is given as the sum of the
immediate and consolidation components, ρi
and ρc respectively. ρi is related to the position
of the point (X/L) and the safety level F, where:
F = 5.14suav / γH

(2)

H = embankment height.

H

γr

• Curve 1 (Overall mean curve):

γ = unit weight of embankment fill

B
(C u) s

They identified three general distributions of
horizontal displacement, which are illustrated
in Fig. 5b. These distributions apply at or
near the toe of an embankment, and can be
expressed by the following equations:

where suav = average undrained shear strength in
the clay layer

L

O

• The ratio of undrained shear strength of
surface crust and underlying clay (M=sus/su).

y = ρ/ρmax
0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0

From measured data, Fig. 6 plots the
dimensionless maximum immediate horizontal
displacement ( λ, where λ = ρimax / D) against F
for three values of X/Lw. As would be expected,
λ increases as F decreases, and becomes
relatively large as failure is approached (i.e. F
approaches 1.0).
The maximum consolidation lateral
displacement at any time, ρcmax,t, is correlated
with the consolidation settlement Sc of the
centre of the embankment, as follows:

0.1
0.2
0.3
0.4
0.5
0.6

2

ρcmax,t = 0.16 Sc = 0.16 (St - Si)

1

0.7
0.8

3

(3)

where St = total settlement at time t
Si = immediate settlement.

0.9
1.0
Z/d
(b) Horizontal Movement Distributions with Depth

[Fig. 5] Pile Near Embankment and Soil Movement Distributions

Thus, at any time t, the maximum horizontal
displacement ρhmax can be approximated as:
ρhmax = λ.D + 0.16(St – Si)

(4)
DFI JOURNAL Vol. 1 No. 1 November 2007 [41]

of clay layer, embankment height, pile size, and
delayed installation of the pile. The latter is
particularly important, and it is found that, if
the installation of the pile can be delayed until
after embankment construction is completed,
the maximum bending moments in the pile can
be reduced to 10-15% of the values which would
otherwise occur.

1 ≤ X/L < 2
2 ≤ X/L < 3
3 ≤ X/L < 4
X/L = 0

As mentioned previously, group effects are
generally beneficial when piles are subjected to
soil movements, leading to a “shielding” effect
and reduced moments and shear forces in the
piles, and it is therefore generally conservative
to consider a single pile for design purposes.

1

0.5
X/L= 1
X/L= 2
X/L= 3

0
0.8 1.1 1.5

2

2.5

3

3.5

4

800

Factor of Safety F
[Fig. 6 ] Dimensionless Immediate Horizontal Movement
Factor l (Bourges & Mieussens, 1979)

Some Characteristics of Pile Behaviour
Poulos (1994) has undertaken a study of the
behaviour of piles near and through embankments
on clay, using a two-stage procedure:
1. assessment of the horizontal soil movements
due to the embankment, using the empirical
approaches developed by Bourges and
Mieussens (1979), described above;
2. analysis of the response of piles to these
movement, using the program ERCAP to
compute lateral response and PIES for
axial response.
Comparisons were made between the analysis
results and the results of centrifuge tests
reported by Stewart et al (1992). Fig. 7 compares
the relationship between maximum horizontal
movement of a pile and embankment height.
The centrifuge tests show that, beyond a certain
embankment height (which corresponds to an
average pressure of about 3suav), the rate of
pile displacement with increasing embankment
height accelerates. This behaviour is reproduced
quite well by the theoretical analyses. Fig.
8 compares the measured and computed
distributions of bending moment along a
pile, and shows fair agreement in both the
magnitude and distribution of moment.
A study of the importance of a number of
parameters was also made by Poulos (1994),
and the factors which have the most significant
influence on pile response were found to be:
pile position – relative to the embankment toe,
undrained shear strength of the clay, thickness
[42] DFI JOURNAL Vol. 1 No. 1 November 2007
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Moment Distributions – Deep Clay Layer

Typical Design Charts
For the idealized problem shown in Fig. 9(a),
a series of design charts has been developed
for a range of values of embankment height,
soil layer thickness, soil strength and pile size.
For a typical case of a vertical pile located at
the crest of the embankment, Fig. 9(b) to 9(d)

shows the maximum positive and negative
moments and the pile head deflection for a
400 mm square precast concrete pile, for an
embankment height of 8 m. It is assumed that
the pile head is restrained from rotation and
that the pile is installed after construction of the
embankment has been completed. Such charts
have the potential to provide a more rational
design approach for piles within embankments.
Successful use of such charts demands
judicious selection of the necessary geotechnical
parameters and appropriate modelling of the
real problem to reduce it to the idealised cases
for which the design charts are derived.
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Chen & Poulos (1997) have shown that a full
analysis via the computer program PALLAS
can give estimations of pile bending moments
and deflections very close to those measured,
using the measured soil movement profile
shown in Fig. 10(a). The pile bending moment
and deflection profiles estimated using
PALLAS are shown in Fig. 11, together with
those measured, and a fairly good agreement
between the estimated and the measured
values can be observed.

Depth (m)

1:1.5 slope

limiting soil pressure of about 2pp (where pp
is the Rankine passive pressure) (see Chen &
Poulos, 1997). The measured free-field lateral
soil movements, shown in Fig. 10(a), generally
decrease with depth, after reaching a maximum
at a relatively shallow elevation.
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[Fig. 9] Design Charts for Pile at Embankment Crest – 4 m
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Fig. 10 Test at Zelzate (De Beer & Wallays, 1972)

Application to Case Study
De Beer and Wallays (1972) reported a field test
in Belgium that aimed to study the influence
of embankment construction on adjacent pile
foundations. Measured results were presented
for a steel pipe pile and a reinforced concrete
pile. The steel pipe pile was 28 m in length,
0.9 m in diameter, and 1.5 cm in wall thickness,
while the reinforced concrete pile was 23.2 m
in length and 0.6 m in diameter. The pile heads
were restrained from lateral displacement. The
soil deposit consisted mainly of sand, with a
Young’s modulus Es of about 30 MPa and the

The soil movement profile has also been
simplified to a linear profile for two cases,
to assess whether simplified soil movement
estimates can give adequate predictions of pile
response. One case has a surface displacement
(s0) of 20 mm, while the other has a so value
of 40 mm, with both cases having a zero value
occurring at a depth of about 18 m. It has
been found that the measured profiles are
encompassed by those estimated for the above
two so values.
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[Fig. 11] Calculated and Measured Pile Responses

Piles Near a Pile Cap Excavation
Introduction
When an excavation is carried out for a new
pile cap in the vicinity of existing piles, there
is often little or no support provided for the
excavation, since pile cap thicknesses are
typically 1-3 m and the excavation is therefore
relatively shallow. However, under conditions
in which the ground is highly stressed (for
example, within the footprint of an existing
building), even such modest excavations
deserve careful consideration as ground
movements will inevitably be generated by the
excavation process. In addition, it is possible
that dewatering may also be necessary, in
which case additional ground movements (both
vertical and lateral) will be generated by the
process of groundwater lowering.

of ground movements. The distributions of
movement with depth are difficult to estimate
without some form of analysis, as they depend
on wall flexibility and excavation support
conditions, but it may sometimes be adequate
to assume a linear distribution with depth
(Chen and Poulos, 2001).
Common design practice employs twodimensional analyses, and near the centre
of an excavation, two dimensional analyses
can give reasonable soil movement estimates
(for example, Yong et al, 1996). Thus, in
the following examples, a two-dimensional
analysis, employing the computer program
FLAC, has been used to estimate the ground
movements due to excavation for a pile cap.
The case examined is shown in Fig. 12, and
involves an excavation in medium-soft clay for
a 3 m deep pile cap, 10 m in width, with no
lateral support provided for the excavation.
Figs. 13 a-d show typical distributions of the
vertical and lateral movements with depth, at
various distances from the excavation. Two
different values of the surface pressure are
considered, 0 kPa (a “green-field” situation)
and 50 kPa, a typical situation that may arise
beneath an existing building. It can be seen
that, as would be expected, the movements for
the 50 kPa surface pressure are considerably
larger than those for zero pressure, and that
the movements tend to decrease with increasing
distance from the excavation. It is further
assumed that the excavation is carried out
relatively rapidly, and that no drop in the level
of the water table arises from the excavation.

Ground Movements
It is now common for the ground movements
around excavations to be estimated via detailed
numerical analyses such as the finite element
method. When numerical analyses cannot be
carried out, it is possible to use approximations
developed by Clough and his co-workers to
estimate vertical and horizontal distributions
[44] DFI JOURNAL Vol. 1 No. 1 November 2007

[Fig. 12] Pile Cap Excavation near Existing Pile

Pile Response to Ground Movements
For the case as shown in Fig. 12, Figs. 14 and 15
summarize the computed maximum bending

0

0

Movement (mm)
2
3
4

1

5

6

7

X=6 m
-2

X=10 m
X=15 m

-4
Depth (m)
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and the surface pressure. It will be seen that
the induced maximum bending moment is very
large when the pile is close to the excavation.
Indeed, for a 0.6 m diameter reinforced concrete
pile with 1% reinforcement, carrying a working
axial load of 800 kN (corresponding to a factor
of safety of about 2), the maximum design
moment capacity is about 0.56 kNm. Thus,
Fig. 14 implies that piles within about 10 m of
the axis of the excavation could have induced
moments that exceed the design capacity of the
pile, if the surface pressure is 50 kPa.

X=20 m

-6
-8
-10
Excavation Depth = 2.5 m Zero
Surface Pressure

-12

[Fig. 13(c)] Computed Horizontal Ground Movements Due to
Cap Excavation – p0 =0
Movement (mm)
0

00

1

Movement (mm)
2

10

15

20

25

30

35

0

3

4

2
4

Depth (m)

-2
-4

Depth (m)

5

6
x=6 m
8

x=10 m
x=20 m

-6

10
12

-8

14

X=6 m

-10
Excavation Depth
= 2.5 m Zero
Surface Pressure

-12

X=10 m

[Fig. 13(d)] Computed Horizontal Ground Movements Due to
Cap Excavation – p0 = 50 kPa

X=15 m
X=20 m

1

[Fig. 13(a)] Computed Vertical Ground Movements Due to
Cap Excavation – p0 =0

0

-5

0

Movement (mm)
5
10

15

20

2

Maximum Induced Moment (MNm)

-14
0.8

p=0
p=50 kPa

0.6

0.4

0.2

0

6
8

0

x=6 m

5
10
15
20
Distance of Pile Axis from Excavation Axis (m)

25

[Fig. 14] Computed Pile Moment Due to Cap Excavation

x=10 m

0.7

x=20 m
10

0.6

12

0.5

14

[Fig. 13(b)] Computed Vertical Ground Movements Due to
Cap Excavation – p0 =50 kPa

Maximum Shear (MN)

Depth (m)

4

p=0
p=50 kPa

0.4
0.3
0.2
0.1
0
0

5

10

15

20

25

Distance of Pile Axis from Excavation Axis (m)

[Fig. 15] Computed Pile Shear Due to Cap Excavation

DFI JOURNAL Vol. 1 No. 1 November 2007 [45]

Fig. 16 summarizes the computed additional
movement of an existing pile adjacent to the
excavation. In this case, if there is zero surface
pressure, the adjacent pile tends to move
upwards slightly because of the excavation,
but it settles if the surface pressure is 50 kPa.
In the latter case, the additional axial force
induced in the pile by the vertical ground
settlement is small, even if the pile is relatively
close to the excavation.
Thus, it would appear that the issue that may
cause most concern is the induced bending
moment and shear in the pile due to the lateral
ground movements.
2.5

measured for different depths of excavation. The
measured free-field soil movements at different
distances from the wall and corresponding to
an excavation depth of 4.5 m were found to
decrease almost linearly with depth, from a
maximum value at the surface.
The generic elastic design charts (Chen and
Poulos, 1997) were used to calculate the pile
response, with the soil movements simplified
to linear profiles. The estimated results are
shown in Fig. 17, together with those measured.
It can be seen that, in this case, the elastic
generic design charts using the simplified soil
movements generally give fairly good estimates
of the pile response.
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[Fig. 16] Computed Vertical Movement of Pile due to Cap
Exacavation

Several tests were carried out in which the pile
was located at different distances from the
retaining wall. The free-field soil movements,
pile bending moments and deflections were
[46] DFI JOURNAL Vol. 1 No. 1 November 2007

10

0

0

2

Test PC

Test PC

20

Test PC5

Test PC

30

Test PC

There do not appear to be any measurements of
pile response to cap excavation-induced ground
movements. However, Leung et al (2000) have
presented results from centrifuge model tests
on a single pile adjacent to unstrutted deep
excavations in dense sand. The model pile was
fabricated from a hollow square aluminum tube
and instrumented with 10 pairs of strain gauges
protected by a thin layer of epoxy. The model
pile simulated a prototype concrete bored
pile of 0.63 m in diameter, and 12.5 m in total
embedded length. The retaining wall supporting
the excavation had an embedment depth of
8 m. The Young’s modulus of the sand, Es, was
estimated to increase linearly with depth, z (in
metres), and expressed approximately as Es =
Nhz = 6z MPa.
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[Fig. 17] Measured and Computed Pile Moments due to
Excavation

Response of Piles to Seismically-induced
Ground Motions
Introduction
Many pile failures during earthquakes have
occurred due to the inadequacy of the pile to
withstand large induced moments and shears
(Mizuno 1987, 1996). The pile designer (who
often is not the person who performs structural
dynamic analysis) needs to know approximately
what the maximum seismically-induced internal
moment and shear of the pile would be. This
problem is similar in principle to the problems

of statically-induced ground movements
discussed above, but there are additional
complexities that must be recognized. In
particular, there are two sources of loading of
the pile by the ground movements:

4. The maximum values of the displacements
along the pile obtained in step 3 are treated
as a static soil movement profile, although
the displacement at each point may have
occurred at different times.

1. “Inertial” loading at the pile head, caused by
the lateral forces imposed on the structure
by the earthquake and which are then
imposed on the piles;

5. The surface motion obtained in step 3 is
used in an ordinary spectral analysis of a
single degree of freedom system whose
period is equal to the period obtained in step
2. The spectral acceleration is calculated.

2. “Kinematic” loading along the length of the
pile, caused by the lateral (and to a lesser
extent, the vertical) ground movements
developed by the earthquake.
Traditionally, many foundation designers have
considered only the effects of inertial loading, but
kinematic loading can also be very important.
A relatively simple pseudo-static approach for
analyzing this problem, taking into account
both inertial and kinematic effects, has been
developed by Tabesh and Poulos (2001) and is
described below.
Pseudo-Static Approach
The pseudo-static methodology developed by Tabesh
and Poulos (2001) involves the following steps:
1. The superstructure is modelled by a single
degree of freedom system whose natural
frequency is equal to the fundamental
frequency of the superstructure. The
simplest way is to reduce the superstructure
to a cap-mass. The designer should be careful
about such a crude approximation; the mere
eccentricity of the superstructure mass may
have a profound effect on the response.
2. The natural lateral period T of the pile head
is estimated through published formulae
and charts, or in the case of a pile-cap-mass
system, via the approximate relationship:
T = 2π (Cap Mass/ Kx)

0.5

(5)

where Kx = lateral pile head stiffness.
3. A free-field site response analysis is
performed to obtain both the time history of
the motion at the surface and the maximum
displacement of the soil mass along the
pile. In this analysis the well-known SHAKE
(Schnabel et al (1972)) program, or similar
computer codes such as the ERLS program
used herein, may be used. As the moment
and shear depend on the curvature of
the pile, the points whose maximum
displacements are to be obtained must be
closely spaced, especially near the surface.

6. The lateral force to be applied to the pile is
obtained from multiplication of the spectral
acceleration obtained in step 5 and the
cap-mass or the mass of the single degree
of freedom model of the superstructure
calculated in step one.
7. A static analysis, in which the pile is subjected
to the simultaneous application of a lateral
force at its head equal to the force obtained
in step 6, and a soil movement profile formed
in step 4, is performed and the maximum pile
moment and shear are obtained.
Verification of The Pseudo-Static Method
In order to examine the performance of the
proposed pseudo-static methodology, Tabesh
and Poulos (2001) considered a soil mass
consisting of two layers. Various ratios of
layer stiffness were considered, and a range
of pile diameters was analysed. The Newcastle
1994 earthquake was used as the excitation
source. Eighty different pile-soil configurations
were considered for which the envelopes
of the positive and negative moment and
shear along the pile were obtained via a more
complete dynamic analysis, and the shear and
moment distributions along the pile were also
calculated from the proposed pseudo-static
analysis with the maximum computed free-field
soil movements as input. The cap-mass (and
hence the vertical applied load) was assumed
to be zero. Without any exception, excellent
agreement was obtained between the dynamic
analysis and the pseudo-static methodology.
These comparisons suggest that, regardless
of the soil non-homogeneity, the static
methodology gives very good results for the
maximum values of the moment and shear
along the pile. Thus, when the response of
the pile is dictated by the free-field ground
movements, the internal response of the pile
can be easily estimated by a very simple static
analysis. When the effects of cap-mass were
DFI JOURNAL Vol. 1 No. 1 November 2007 [47]

taken into account, it was observed that, while
in many cases the agreement between the
proposed pseudo-static method and dynamic
analysis was close, while in some others the
pseudo-static approach overestimated the
maximum moment and shear.
Significance of Inertial and Kinematic Effects
The influence of inertial effects (via vertical loading
and/or cap-mass) on the seismic response of pile
foundations depends on the frequency content of
the earthquake and the natural period of the pilesoil-cap-mass system. Mylonakis et al (1997) have
identified the following characteristics:
1. Inertial bending can be significant,
especially in the upper part of the
piles, when the dominant period of the
earthquake is similar to the fundamental
period of the soil-pile-structure system.

1. If kinematic effects are ignored, and only
inertial (lateral load) effects are considered,
the maximum moment at the pile head can
be seriously under-estimated.
2. If only inertial effects are considered,
the moment at depths in excess of about
7m becomes insignificant, but with the
kinematic effects incorporated, there is
a significant moment between depths of
about 7 to 10m, i.e. in the vicinity of the
interface between the softer upper layer and
the stronger lower layer.
The importance of considering both kinematic
as well as inertial effects is clearly emphasized
in this example.
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Fig. 19 shows the computed distributions of
bending moment along the pile. Two key points
emerge from this figure:
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3. The three most likely areas of damage of
a pile are the pile head, interfaces between
layers of different stiffness, and the pile
toe. Pile head damage is most likely in
homogeneous strata while damage at strata
interfaces is most likely when there is a
marked stiffness contrast between the layers.
The kinematic bending strains at the pile toe
may be significant when the toe is restrained.

• A pile with the same lateral inertial load as
in the second case, but where the kinematic
ground movements are not included in
the analysis.

P

fs py
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0.14

2. Kinematic bending can be significant when
the dominant period of the soil motions are
similar to the natural period of the soil strata.

To facilitate an understanding of the relative
importance of inertial and kinematic effects,
analyses have been performed on the fixed head
single pile shown in Fig. 18. The analysis has
been carried out via the pseudo-static approach
described above, so that the results provide an
envelope of maximum bending moments and
shears along the pile. It is assumed that the site
is subjected to the 1994 Northridge earthquake
with a maximum bedrock acceleration of 0.2 g.
Three cases have been considered:
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[Fig. 19] Effects of Kinematic and Inertial Loading of Pile on
Moment Distribution
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Tabesh and Poulos (2006) have attempted to
provide a simple means of making preliminary
estimates of maximum bending moment and
shear in single piles embedded in homogeneous
clay layers and subjected to seismic excitation
(Fig. 20). To develop these design charts, a time
domain method has been employed in which
the earthquake motion has been input, and
the moment, shear and relative displacement
of the pile obtained at all time steps during
earthquake. The maximum values at any time
during the earthquake have then been extracted
and used for the design charts.
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[Fig. 21] Typical Design Charts for Maximum Moment and
Shear Induced in a Pile.
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[Fig. 20] Idealized Case for Design Charts

Eight earthquakes were selected to develop
the design charts, covering a wide range
of prominent earthquake frequencies. The
piles were assumed to have a fixed head (i.e.
zero head rotation), and to be embedded
in homogeneous clay layers with Young’s
modulus values of 25, 50 and 100 MPa. The pile
diameters covered the range of values between
0.2 to 1.5 metres in 0.1 m increments. Two pile
modulus values, 10000 MPa and 30000 MPa
were considered, being representative of timber
and concrete respectively.
Fig. 21 shows typical design charts for the
maximum moment and shear developed in a
20 m long pile with an axial load equivalent to a
factor of safety of 2. As would be expected, both
the moment and shear increase with increasing
pile diameter d.

Case Study
The pseudo-static methodology is used to
estimate the maximum moment developed in
the Ohba-Ohashi bridge in Japan. This bridge is
located in Fujisawa city, Kanagawa prefecture,

near Tokyo. The seismic observations at this
bridge and one of its pile foundations were
conducted between 1981 and 1985 by Shimizu
Corporation. During this period, 14 earthquakes
hit the region. Among them, the twelfth
earthquake induced the largest peak horizontal
surface acceleration which was 0.11 g.
The bridge was supported by 11 piers and is
484.8 m long and 10.75 m wide. The girder is
continuous from pier 5 to pier 8. Piers 5, 7, and 8
are equipped with movable bearings, and pier 6 is
of the fixed-shoe type. Fig. 22 shows the details of
the bridge and the pile foundation of pier 6 where
the strain metres were installed. The soil profile
shown in Fig. 22 was obtained from a borehole
near pier 6. The top soil layers were extremely
soft with SPT-N values being almost zero. The
shear wave velocity of the top layers was between
40-100 m/s. The tips of the piles were embedded
in a stiff layer of clay with a shear-wave velocity
of 400 m/s. The length of the vertical piles was
22 m, with 2 m in the stiff clay.
The piles were steel pipes with a diameter of
0.6 m; the thickness of the vertical piles was 9
mm, and the wall thickness of the battered piles
was 12 mm. A total of 32 wall strain metres were
installed on one vertical and one battered piles
at four different elevations (sa1-sa4, sb1-sb4 in
Fig. 22). A total of 11 units of accelerometers of
DFI JOURNAL Vol. 1 No. 1 November 2007 [49]

servo type were installed, with one unit (GS1) at
the ground surface, four units (GB1-GB4) at the
bearing substratum, three units (BS1-BS3) at the
footings, two units (BR1 and BR3) at the piers
and one unit (BR2) at the girder.

Organic
silt

Clay

1.5m

12m

1.5m

Battered Pile
Vertical Pile

[Fig. 23] Pile Model used in Analysis

Vertical pile with strain gauges

With these assumptions the pseudo-static
approach was used to obtain the response of
the pile to the combination of the following
disturbances:

Battered pile with strain gauges

12m

[Fig. 22] Ohba-Ohashi Bridge Pile Foundation.

For this analysis, the eighth earthquake was
considered and the pseudo-static methodology
was used to estimate the maximum moment
developed in the vertical instrumented pile.
Group effects were ignored. In the OhbaOhashi bridge measurements the free-field
displacements along the length of the pile were
not measured and only the base and surface
motions were monitored. A free-field analysis
was therefore required for which ERLS program
was employed and the motion monitored at
GB1 was used as the input motion. The soil
was modelled as a system of 7 horizontal
layers, and the mass of the superstructure was
concentrated in two points, as shown in Fig. 23.
The maximum value of the free-field response
was obtained at 48 points corresponding to
the centre of 48 pile elements. The spectral
acceleration corresponding to the pile natural
period and based on the surface motion was
calculated to be 0.092 m/s2. All piles were
assumed to carry equal loads. The pier was
very stiff and was considered to be rigid. The
eccentricity was calculated to be 16.3 m.
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• a soil movement profile formed from the
maximum free-field soil movement obtained
at each pile element,
• a head force equal to F= ms. Aspec in which
ms = mass of superstructure and Aspec is the
spectral acceleration obtained for a period
equal to that of the pile and based on the
surface motion,
• a moment equal to M=F.e in which e is
the eccentricity.
The profile of the moment along the pile
obtained from the pseudo-static method, along
with the maximum moments measured at 4
locations along the pile are shown in Fig. 24.

[Fig. 24] Comparison of Calculated and Measured Moments
Along a Vertical Pile in the Ohba-Ohashi Bridge Foundation.

In this figure the envelope of the positive and
negative moment along the pile obtained from
an independent dynamic analysis (SEPAP) is also
shown (Tabesh and Poulos, 2001).
The proposed static methodology gives good
estimates of the measured values, despite the
fact that the Ohba-Ohashi bridge was very
complicated and was over-simplified for the
analysis. Similar results were obtained for several
other measured earthquakes (Tabesh, 1997).
It is believed that the pseudo-static analysis
can be used by practicing engineers to obtain a
reasonable estimate of the maximum moment
and shear which is likely to be developed in a pile
when it is subjected to earthquake excitation.
This analysis is likely to give good results in
many practical cases, but it may overestimate the
maximum moment and shear in certain other
cases, especially when the period of the pile is
close to the natural period of the soil mass in
which case significant interaction may occur
between the pile and soil. One reason is that the
maximum free-field effects and maximum inertial
effects have been assumed to act simultaneously,
which does not occur in a dynamic analysis.
More importantly, the assumption behind using
spectral acceleration is that the cap-mass is
excited by the surface motion. In reality, the capmass is excited not through the soil surface, but
via the pile head whose motion is different from
the surface motion. The pile head and surface
motions are very close for a homogeneous soil
mass, but when the soil is strongly layered, the
pile head motion is often less severe.

Conclusions
There are several circumstances in which
ground movements may influence significantly
the behaviour of piles. This aspect of pile
behaviour has often been overlooked or
not recognized, often leading to excessive
foundation deformations and possible
structural damage of the foundation system.
This paper has described a consistent procedure
for analyzing the response of piles to ground
movements, via simplified boundary element
analyses. For such analyses, it is necessary to be
able to predict the distribution of the ‘free-field’
ground movements, and then to use these in the
analyses together with the pile-soil parameters
which are required for the normal analysis of
piles subjected to applied head loadings.
Three specific examples of piles subjected to
ground movements have been considered:

1) piles near an embankment.
2) piles near a pile cap excavation.
3) piles in ground subjected to seismic action.
Some of the features of behaviour have been
discussed, and some typical design charts
have been presented to assist in the practical
estimation of the forces, moments and
displacements induced in the piles by ground
movements.
Examples of comparisons between theoretical
and measured behaviour are described, and
these generally show a reasonable measure
of agreement.
Attention has been concentrated on single
piles, but it has been found that, in general, the
consideration of a single pile is conservative from
a design viewpoint, as interaction among piles in
a group subjected to ground movements usually
has a beneficial effect and reduces the induced
deflections, forces and moments as compared
with a single isolated pile. In addition, in contrast
to the case of piles subjected to direct head
loading, elastic analyses tend to give conservative
estimates of pile responses to ground movements
because there is no limit to the pile-soil pressures
developed by the moving soil.
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Rapid Lateral Load Testing of Deep Foundations
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This paper describes a method of conducting rapid lateral loading tests of deep foundations in which
the load is applied to the foundation with a time duration of less than one second. For purposes of this
paper the loading is applied using a pyrotechnic loading system commonly referred to as Statnamic.
However, the method should apply to any lateral loading system which produces a force time history
with a loading duration of 20 msec to 1 second. The test provides a measure of the dynamic and static
response of the soil/foundation system and must be evaluated as a dynamic loading. Interpretation
of the test includes a simple single degree of freedom (SDOF) model which can account for the inertial
effects of foundation mass, system damping, and static foundation stiffness. The results of the test
measurements are compared with four case histories in which comparative static load test data are
available, including pile group foundations and large diameter drilled shaft foundations.
KEYWORDS: load testing, pile foundation, drilled shaft foundation, lateral loading, dynamic loads, pile groups
Many civil engineering works include deep
foundations designed for lateral loading.
Highway bridges, transmission towers, offshore
structures, and buildings are subject to lateral
loads from wind, waves, vessel impact, and
seismic loadings. Although designers most
frequently design for such loadings using
static analysis techniques, the actual loadings
are most often transient and dynamic, and
characterized by rapidly applied loads of short
duration. Where site-specific load testing has
been performed in support of design for lateral
loading, tests have most often been conducted
as static jacking tests using hydraulic cylinders
and sustained loads.
This paper describes a relatively new method
of conducting field lateral loading tests on
deep foundations in which the load is applied
rapidly, i.e. with a load pulse of less than 1
second. For this paper, the device used to apply
this loading uses pyrotechnic combustion to
generate gas pressure and is commonly referred
to as a Statnamic device. However, the methods
used to evaluate the test measurements
and interpret the results apply to any rapid
test method which is so fast that inertial
and damping forces are important, but slow
enough that the foundation system moves in
a displacement pattern which is similar to a
static loading rather than as a bending wave
propagation mode. An example of the latter has
been described by Briaud and Ballouz (1996) in
which a transient impact loading was used to
measure the dynamic lateral stiffness of a pile.
The Statnamic device produces a much longer
wave pulse and has been used to conduct axial
loading tests (Janes et al, 1991). The differences
[54] DFI JOURNAL Vol. 1 No. 1 November 2007

in axial loading pulse between the rapid loading
produced by the Statnamic and the stresswave
produced by a hammer impact have been well
documented. The use of the Statnamic device
for lateral loading represents an adaptation of
the loading device for this purpose.
The use of a rapid loading device for lateral
load testing offers several potential advantages
and limitations. The test can be conducted
quickly and efficiently to loads of large
magnitude and without the need for a reaction
system. Some tests conducted by the author
have achieved lateral load magnitudes of 10
MN. Safety is actually enhanced, because there
is no hydraulic system loading between two
objects with pent-up strain energy and the
potential for breakage and quick release due to
failure of some component. The dynamic nature
of the test provides the additional benefit of
measuring the dynamic component of soil
resistance, so long as the static component
of resistance can be determined reliably. The
dynamic nature of the test also represents a
limitation, in that rate effects can vary with
soil type. Soil creep or displacement due to
sustained loading cannot be measured with
a rapid test. The dynamic nature of the test
requires that inertial components of the system
be accounted for and thus the analysis is less
straightforward than for a conventional static
test. Finally, the measurements must be made
using a high speed data acquisition system.
Some early test results have been described by
El Naggar (1998), and that paper included his
use of a relatively sophisticated Winkler model
of a pile on nonlinear spring/dashpot system
which operates in the time domain. While the

use of such a model provides the means for
a very complete description of the problem,
the inherent complexity of a dynamic model
with many variables makes it difficult to use
for routine testing and data interpretation.
The techniques used in this paper emphasize
analysis using simple dynamic models which
can be readily applied and understood and
easily compared with static test results. In
general, engineers are familiar with static test
data and have developed judgement based on
such measurements.
The objectives of this paper are to describe
the loading system and test measurements
and to outline a simple and reliable method
for interpretation of the results. Several case
histories which include both rapid loading
and conventional static loading tests are
presented to provide a means of evaluating
the interpretation method and of comparing
and contrasting the rapid loading system with
conventional static tests.

Description of Test Method and
Measurements
The Statnamic device, illustrated on Fig. 1,
is composed of a reaction mass, a piston in
which gas pressure builds to initiate the load,
and a connection to the test foundation which
includes a load cell and hemispherical bearing
to accommodate rotation of the foundation. For
lateral testing, the reaction mass resides on a sled
which allows the mass to slide across the ground
surface or the surface of a barge in the case of
over-water tests. The horizontal thrust against the
test foundation is produced as the gas pressure
builds and accelerates the reaction mass away
from the foundation. After the reaction mass has
moved some distance off the cylinder, an exhaust

[Fig. 1] Schematic of Statnamic Device for Lateral Loading

port opens and the gas pressure is vented. Typical
load pulse duration is around 100 msec, although
this can be varied somewhat depending upon
the magnitude of the reaction mass and exhaust
port location. The magnitude of the load is
controlled by the amount of fuel placed within the
combustion chamber.
The loading test is conducted typically with
four progressively increasing load intervals,
each of which is a separate rapid loading pulse.
Roughly one hour elapsed time is required
between load intervals for the device to be
reloaded, re-assembled and repositioned against
the test foundation. The use of four successive
and increasing load pulses has been observed
to provide the best means of reproducing the
nonlinear load vs displacement relationship with
which engineers are familiar from static testing.
Measurements at the top of the foundation
include load, displacement, and acceleration.
The calibrated load cell provides an accurate
and reliable measure of the force applied
to the foundation as a function of time.
Accelerometers are typically placed at several
locations on the test foundation and provide a
measure of the acceleration time history and, by
twice integration, a displacement time history.
Capacitor-type accelerometers are used rather
than piezo-crystal type because of their greater
stability and reduced tendency for drift over
the several seconds of time for which data are
gathered. Displacement transducers consisting
of long-travel LVDT=s or linear potentiomers
are typically mounted on a reference beam to
provide a second and redundant measure of
movement. It is often difficult to avoid groundinduced vibration of the reference system,
although such transient motions are often
very small relative to the foundation motion.
However, the use of displacement transducers
provide the most reliable measure of permanent
displacement and the use of these transducers
together with the integrated accelerometer
measurements provides needed redundancy.
An additional accelerometer mounted upon the
reference beam is typically used to monitor any
vibrations in the reference system.
Measurements are also made below the top
of the foundation in order to determine the
displaced shape of the pile or shaft and the
location of maximum bending stresses. The
determination of the displaced shape is made
using recoverable, downhole accelerometers,
an example of which is shown on Fig. 2.
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These are mounted on a guide which is
lowered into place at the prescribed elevation
within an inclinometer casing. An adjustable
mount allows the device to be oriented in
the proper direction to align with the load
and displacement direction of the test
foundation. Double integration of the downhole
accelerometer signals allow determination
of the displacement time history at each
instrument location. For most of the tests
performed to date, a string of 8 downhole
accelerometers (along with the above ground
displacement measurements) have proven
adequate to define the displaced shape of the
test foundation and the point of plastic hinge
formation beneath the surface. Strain gauges
are typically used to monitor bending stresses
within the pile or shaft. Note that resistancetype strain sensors rather than vibrating wire
instruments are required in order to obtain data
at the frequency needed for dynamic testing.

Test Foundation Response and Data
Interpretation
Example Measurements
Although several case histories will be presented
later in this paper, it is instructive to utilize
some actual data in the process of describing the
measured foundation response and proposed
method of analysis. Presented on Fig. 3 are the
four load time histories for a load test recently
conducted in Charleston, SC (Brown and Camp,
2002). This shaft was a 2.6 m diameter by 46 m
deep cast-in-place concrete drilled shaft with a
permanent steel liner some 25 mm thick in the
upper 17 m of the shaft. The soil conditions
consisted of soft organic clay within the upper
15 m underlain by a very stiff calcareous clay
known locally as the Cooper Marl Formation.

Accelerometer

[Fig. 3] Load and Displacement Time Histories for Charleston
Test Shaft C-2
[Fig. 2] Downhole Accelerometer

All of the instrumentation must be monitored
using a high speed data acquisition system.
A sampling frequency of 1000 samples per
second has proven sufficient for the rapid
lateral testing of drilled shafts used in this
study, although higher frequency sampling
may be needed for small piles. Most commonly
the system is set to trigger from the load cell
and record data from a pre-trigger time of
0.5 seconds to about 4 seconds post-trigger.
Most deep foundation systems have a resonant
frequency well above 3 Hz, and the data of
interest occur generally within the first second
after trigger. Some large group foundations over
water have produced data of interest for several
seconds after trigger.

[56] DFI JOURNAL Vol. 1 No. 1 November 2007

Also shown on Fig. 3 are the displacement time
histories from these four loadings, measured at
the point of loading approximately 1 m above
the ground surface. This foundation had large
damping, as the oscillations damped out very
quickly after the initial peak.
Shown on Fig. 4 are the peak displacements from
the downhole accelerometer measurements,
plotted as a function of depth below the ground
surface, for load events two through four. These
measurements indicate very reliably the point
of rotation near the top of the Cooper Marl at a
depth of around 16 m below grade.
Derived Static and Dynamic LoadDisplacement Response
Using a simple single degree of freedom system,
an equivalent static and damping response may
be derived from the rapid loading lateral test

The damping resistance is presumed to be
represented by a viscous damper in which the
force Fdamping is proportional to the velocity, ẍ, by a
constant, c (which is in units of force-sec./length). In
order to relate this more meaningfully to a system
damping parameter, the damping constant is
expressed as a percent of the critical damping, cc, by
D = c/cc = c/[2(kme)2]

(4)

where,
k = static stiffness
thus,
[Fig. 4] Peak Displacements Below Grade for Charleston Test
Shaft C-2

measurements. This model includes a nonlinear
static spring resistance, inertia of the shaft
rotating about a hinge point below ground, and
a viscous damping component. The forces acting
on the foundation may be described as follows:
Fmeas = Finertia + Fdamping + Fstatic

(1)

where,
Fmeas = measured force on the load cell
Finertia = inertial resistance from effective
mass of the foundation
Fdamping = effective viscous damping
resistance
Fstatic = effective static soil resistance
The inertial resistance is roughly that of a cylinder
rotating about its base, with a diameter equal to that
of the test shaft and a height taken as approximately
18 m, based on the observed displacement pattern
(16 m below grade plus approximately 2 m above).
For such a cylinder of radius r, height h, and mass
m, the mass moment of inertia about the base, Iy is:
Iy = m ( r2/4 + h2/3 )

(2)

The rotational acceleration of such a cylinder in
relation to a displacement x at the loading point
z would be ¨x/z and thus summing moments
about the base,
(Finertia)z = (Iy)(¨x/z)

(3)

Therefore, Finertia = (Iy)(¨x/z ) = me¨x where me
may be thought of as the effective mass of the
foundation. For this test, me would be calculated
to be around 85,000 kg. It is normally necessary
to increase this value somewhat for analysis
purposes in order to include some mass from
the passive earth pressure wedge of surrounding
soil (which is also suggested by the data) and
this value is increased by 20% for this example.
2

Fdamping = c = D [2(kme)2]
The static resistance is modeled as a function
of displacement, x, using a spring with
stiffness ks. Because the soil response for
lateral loading at large strains is known
to be highly nonlinear, this spring may be
modeled as a nonlinear stiffness which
decreases as a function of displacement. For
routine analyses, it is normally sufficient that
the stiffness has been taken as a constant
which is derived independently for each
statnamic loading (and is smaller with each
successive increased load). It is also possible
to assume a stiffness which decreases
according to some prescribed mathematical
way as a function of displacement.
The model is backfitted to the results of the
four test measurements to obtain the nonlinear
spring and viscous damping parameters which
best match the observed behavior, using the
measured load vs time as input. This procedure
is thus a signal matching process, and the
solution is not unique. However, the relatively
few parameters constrain the model very well.
The static stiffness primarily controls the initial
peak displacement with little influence from
other parameters. The static stiffness and mass
control the frequency of oscillation, and the
mass is constrained by the physical attributes
of the problem. The damping controls the decay
of the peak displacements after the initial peak.
For the Charleston test shaft example, the
match of the backfitted model and the
measurements is illustrated on Fig. 5. The four
test loads are matched using an effective mass
of 102,000 kg for each case, a stiffness which is
constant for each load case but which decreases
from 80 MN/m for the first load to 35 MN/m
for the last, and a viscous damping component
which is 52% of critical damping for each
case. This is a relatively high damping ratio
DFI JOURNAL Vol. 1 No. 1 November 2007 [57]

compared to many similar tests, but reflects the
large damping which was observed for the test
conditions at this site.

[Fig. 5] Signal Match from SDOF Model for Charleston Test
Shaft C-2

The measured, inertial, damping, and static
forces are plotted as a function of time for
load 4 of this example on Fig. 6. This plot
illustrates the development of soil resistance
to lateral loading forces during the test. As
the rapid loading is applied, this energy is
initially used to mobilize the inertia of the
shaft. The viscous damping is mobilized as the
velocity of the shaft approaches a maximum,
then the static soil resistance is mobilized as
the displacement reaches a large value. At the
maximum displacement, the velocity of the
shaft goes to zero, the applied force is already
over and the static soil resistance is mobilized
to a maximum in order to stop the inertia of
the shaft.

As a result of the construct of a model for the
test result, the static stiffness can be used to
produce a derived static load vs. displacement
response as illustrated on Fig. 7. The points
shown on that plot indicate the total static
soil resistance (static spring force) which is
mobilized at the maximum displacement during
each of the four loading events. Because the
damping is zero at this point, these points are
not sensitive to the damping. The points plotted
on this figure which are labeled “Total (Static
+ Damping)” represent the maximum sum
of the static + damping forces plotted at the
displacement for which this maximum occurs.
These forces represent the maximum soil
resistance force which was mobilized during the
loading event, including the contribution which
is attributed to viscous damping. The static
resistance is comparable to a static loading test
of short duration for which inertial and damping
forces are not significant, and for which long
term creep from sustained loading is not a
major component. The damping contribution
represents the effect of the high rate of loading
of this soil during the rapid load testing event,
which mobilizes a substantial amount of ratedependent soil resistance in this case. Note also
that this dynamic soil resistance is mobilized at
a large displacement and a frequency of around
2 to 3 Hz, the damped resonant frequency of
the test shaft. This frequency is thought to be
reasonably close to that of a seismic load event
on a large bridge. Interpretations of dynamic
response at other similar but slightly differing
rates of displacement or frequency might
be inferred from these measurements. Some
additional degradation due to gapping and/or
reductions in soil shearing strength might be
anticipated for many cycles of loading.

[Fig. 6] Forces as a Function of Time from SDOF Model, Load
No. 4
[Fig. 7] Derived Soil Resistance vs. Displacement
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Case Histories
It is instructive to examine those case histories
for which the rapid lateral load testing method
can be compared with conventional static tests.
Several such examples are now available and are
reviewed below.
Charleston Test Shafts
The Charleston, SC test shaft C-2 referenced
above was part of a major load testing project
for a proposed new bridge over the Cooper River.
Another identical test shaft, C-1, was located
only about 10 m away in nearly identical soil
conditions and was also subject to lateral loading.
Shaft C-1 was first subject to lateral loading using
a hydraulic system so as to produce a slow cyclic
lateral loading with a period of around 2 minutes/
cycle. After the completion of the cyclic loading,
this shaft was subsequently subjected to a rapid
loading test in the opposite direction using the
Statnamic device.
The results of the slow cyclic and the derived
response from the subsequent rapid loading
on test shaft C-1 are shown on Fig. 8, along
with the rapid loading test results from the
identical test shaft C-2 discussed previously.
The solid line on this figure representing the
cyclic test is seen to match very closely with
the derived static response from the two rapid
loading tests. The cyclic loading was performed
using 10 cycles of constant amplitude force
at loads up to about 2.7 MN, followed by a
monotonic loading to around 4.5 MN (at which
point the pump failed and the test was rapidly
concluded!). The derived static response
matches quite well with the first cycle loadings
(although cyclic degradation was relatively
small) and for this monotonic loading to the

[Fig. 8] Comparison of Static Load - Displacement Response
and Two Rapid Loading Tests, Charleston Site

maximum applied static force. Note that these
soft clay soils might be expected to creep
under sustained load, but the static (cyclic)
test in this case was of short duration. So, the
derived static response in this case matches
well with a static test of short duration for
which long term creep is not a factor.
Rock Socket Shafts at Auburn NGES
A series of lateral static loading tests were
performed on short drilled shafts at the
Auburn University National Geotechnical
Experimentation Site (NGES) in Alabama
(Kahle, 2000). Tests on several similar shafts
were performed nearby using the rapid
loading method with the Statnamic device.
The geotechnical conditions at this site are
composed of weathered metamorphic rocks,
characterized as hard, fractured quartzite.
The overburden soils were stripped away
so as to leave the fractured rock formation
present immediately below the ground surface.
Several shafts of 0.9 m and 1.5 m diameter
were constructed into this fractured rock to
embedded lengths of up to 2 m.
Conventional geotechnical borings indicate
the rock to be hard, but intensely fractured.
Coring RQD values were near zero with %
recovery generally around 20% or less. Standard
penetration test resistance values for the rock
typically indicate refusal. Large intact samples
of rock taken from the shaft drilling excavation
were cored in the lab so as to provide specimens
for unconfined compression tests (no suitable
samples were obtained from core borings).
Unconfined compressive strengths from seven
samples ranged from 75 to 185 MPa, with an
average value of 130 MPa (19 ksi). This very high
strength is virtually irrelevant, as the strength
during load testing was dominated by the
macrostructure of the formation. The weathered
rock at this site represents the type of material
for which site-specific field loading tests are most
appropriate, as geotechnical characterization
of the weathered rock for foundation design
purposes is extremely difficult.
Presented on Fig. 9 are data from two shafts
which were pushed apart using a hydraulic
loading system (shafts E5 and D5), along with
the derived static and dynamic soil resistance
from a rapid loading test on a shaft of similar
size (B5). These shafts were each 0.9 m
diameter and embedded approximately 2 m
deep. Presented on Fig. 10 are similar data
DFI JOURNAL Vol. 1 No. 1 November 2007 [59]

from shafts which were each 1.5 m diameter
and embedded approximately 1.5 m deep.
The static loading tests were performed by
applying load in increments and holding at
constant displacement for periods of around
10 minutes at each increment. The fractured
rock did not exhibit a large amount of creep,
but did exhibit a strong nonlinear response as
a passive earth pressure failure was achieved
in each test. Subsurface displacements from
integrated accelerometer measurements during
the rapid loading tests are provided in Fig.
11, which reveal that this shaft rotated as a
nearly rigid-body rotation about a point just
above the shaft toe. Inclinometer data from the
static tests were similar, indicating a point of
rotation about 0.3 to 0.5 m above the toe.

[Fig 11] Peak Displacements Below Grade for 1.5 m Diameter
Rock Socket, Auburn NGES

The comparisons between the rapid loading and
static loading tests for this site suggest that
the derived static response agrees quite well
with the measured static response from tests
on similar shafts, within the range of variability
from the site. Most notable was the similarity in
the load which produced passive earth pressure
failure in this fractured rock formation.
Pascagoula, MS Pile Group

[Fig. 9] Comparison of Static and Rapid Loading Tests, 0.9 m
Diameter Rock Sockets, Auburn NGES

[Fig 10] Comparison of Static and Rapid Loading Tests, 1.5 m
Diameter Rock Sockets, Auburn NGES
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A third and quite different case history
is provided by the results of static and
rapid lateral loading tests on a group of six
prestressed concrete piles. This test was a part
of a field test pile program intended to provide
guidelines for deep foundation design for a
new bridge over the Pascagoula River as well as
for other future bridges along the Mississippi
Gulf Coast. The site for the testing program is
adjacent to the alignment for the new bridge in
an area with approximately 5.5 m water depth.
The soils are predominantly alluvial deposits
of soft to stiff clays above elevation -18 m, with
dense sands interbedded with stiff clays below
that elevation.
The static lateral load test setup consisted
of two foundations to be loaded by jacking
each against the other as shown on Fig. 12;
additional details of the static load test results
are provided by Brown and Crapps, 1998. The
static test was performed in increments of load,
with the load at each increment maintained for
a period of around 60 minutes. The pile group
consisted of six square prestressed concrete
piles, 0.76 m in width, which are arranged to

Test
Foundation

Static 1st

Statnamic 2nd

Reference
Frame

PLAN
No Scale

1
4

Water

5.5 m

Silty Clay
Alluvium
PROFILE

[Fig 12] Schematic of Test Foundations, Pascagoula, MS Site

have two vertical piles, two batter piles designed
to act in compression, and two batter piles
designed to act in tension. The batter piles were
installed on a 1:4 batter. The piles were spaced
at 3 pile widths at the cap, center to center.
The driven piles were embedded 1.5 m into the
2.4 m thick concrete cap to provide sufficient
development length on the prestressing strands
so that the full moment capacity of the pile was
available at the base of the cap. The piles had
24 - 12.5 mm (1/2 inch) diameter strands with
75 mm cover and each strand was prestressed
to 144 kN (32.3 kips). A 0.46 m diameter void
within the center of each pile was filled with
concrete after driving.
After completion of the static lateral load tests,
the Statnamic loading was applied from the
deck of a barge so as to load each foundation
in a direction opposite to that of the static
test. The Statnamic testing was performed by
applying 5 progressively increasing magnitude
loadings using the 14 MN capacity device shown
on Fig. 13. Care was taken to ensure that large
permanent plastic deformations were not
induced in the piles or shafts during the static
loading which would affect performance during
Statnamic testing. Measurements of permanent
displacements taken using the inclinometer
device suggest that a permanent lateral
displacement after static testing was about 6 mm.
The pile group motions were dominated by
lateral translation with very small rotations (as
was the case for the static loading). The derived

Statnamic
Device

Barge

[Fig 13] Photo of Over-Water Statnamic Test, Pascagoula Pile
Group

static and damping resistances were computed
using a mass equal to the mass of the pile cap
plus the contribution of the piles above the
mudline. A damping ratio of approximately
30% proved effective in matching the observed
displacement time history. Derived static
and dynamic resistance as a function of
displacement are provided on Fig. 14, along
with the static load test measurements. Note
that although the static load testing included
sustained loading and took about ½ day to
complete, the derived static response is seen to
match the measured static response quite well.
Note also that the derived static curve exhibits
the nonlinearity observed in the static test,
which was expressed as decreasing foundation
stiffness at increased amplitude of motion. The
resonant frequency was observed to decrease
as the stiffness decreased, as expected.
6

Load, 4
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2

0
0
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30
40
Translation, mm
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50

Derived Static
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[Fig 14] Comparison of Static and Rapid Loading Tests,
Pascagoula Pile Group

The peak strain gauge data for the statnamic
test results generally appeared quite similar to
the patterns of strain from the static test. An
example of these measurements is provided on
Fig. 15 for one of the more well instrumented
of the prestressed piles, pile 5 (vertical). This
figure illustrates the strains in the pile from the
DFI JOURNAL Vol. 1 No. 1 November 2007 [61]

first peak during the statnamic loading; i.e., this
is a “snapshot in time” corresponding to that
peak strain. For this loading, the total static +
damping soil resistance at this point in time
is approximately 4.5 MN. The maximum static
load applied was 3.9 MN and is provided for
comparison. The static and statnamic loads were
applied in opposite directions, thus these are
“out of phase” with opposite signs. The pattern
of strains is seen to be identical, with an offset
from the 0 axis of the average between the west
and east sides of the pile which reflects the axial
load strains superimposed upon the bending
strains. Pile 5 for the statnamic loading is put into
compression while this pile was in tension during
the static loading. The strain gauge data suggest
that the piles performed quite similarly during the
statnamic and the static lateral loadings.

have some additional soil capacity available to
resist very transient dynamic loading events such
as seismic, maximum wind gust, or vessel impact.

Acknowledgments
The author wishes to acknowledge the
support of the Auburn University Highway
Research Center, the Alabama Department of
Transportation, the South Carolina Department
of Transportation, the Mississippi Department
of Transportation and the Federal Highway
Administration for the work described in this
paper. The author also wishes to acknowledge
the assistance during the conducting of the
field testing of Professor Gray Mullins of the
University of South Florida, Don Robertson
and Mike Muchard of Applied Foundation
Testing, Billy Camp of S & ME Consulting
Engineers, Sanjoy Chakraborty of Wilbur Smith
and Associates, Kevin Kahle and Lijun Shi of
Auburn University, Shiqiang Shen, visiting
Chinese Scholar, and David Crapps of GPE, Inc.

References
1. Briaud, J.L. and Ballouz, M., 1996, “LATWAK:
Impact Test for Lateral Static Stiffness of
Piles,” Journal of Geotechnical Engineering,
Vol. 122, No. 6, pp. 437-444, ASCE, New York.

[Fig 15] Comparison of Peak Strain Measurements, Pascagoula
Pile Group

Summary and Conclusions
A method of conducting rapid lateral loading
tests of deep foundations has been described,
along with a simple procedure for interpretation
of the data. The rapid lateral testing procedure is
seen to have some advantages in terms of testing
efficiency, the capability of inducing very large
lateral loads, and the capability of observing
dynamic behavior. Several case histories are
provided which allow comparisons of the
derived static and dynamic response with that of
conventional static tests. The simple analytical
model described in this paper appears to be
capable of providing a reasonable interpretation
of the static lateral load response from the
rapid loading test and also provides additional
information relating to damping. The damping
resistance derived from the statnamic loading
suggests that the deep foundations tested may
[62] DFI JOURNAL Vol. 1 No. 1 November 2007

2. Brown, D.A. and Camp, W.F. (2002). “Lateral
Load Testing Program for the Cooper River
Bridge, Charleston, SC,” paper submitted
for publication in the Proceedings of the
International Deep Foundations Congress,
ASCE, Orlando, FL, Feb.
3. Crapps, D.K, and Brown, D.A. (1998). “East
Pascagoula River Bridge Test Program”,
Project Report prepared for Mississippi Dept.
of Transportation, April, 1998, Vol’s I and II.
4. El Naggar, M. H., 1998, “Interpretation
of Lateral Statnamic Load” Test Results.
Geotechnical Testing Journal, GTJODJ, Vol.
21, No. 3, September, pp. 169-179.
5. Janes, M.C., Bermingham, P.D., and Horvath,
R.C., 1991, “An Innovative Dynamic Test
Method for Piles,” Proceedings, Second
International Conference on Recent
Advances in Geotechnical Earthquake
Engineering and Soil Dynamics, St. Louis, pp.
252-256.
6. Kahle, K., 2000, Performance of Laterally
Loaded Drilled Sockets Founded in Weathered
Quartzite, MS thesis presented to Auburn
University, Dec., 2000, p. 227

Underwriters: Gold
Services:
Grouting Compaction Grouting
Cement Grouting • Jet Grouting
Fracture Grouting • Urethane Grouting
Ground Improvement Vibro Replacement
Vibro Piers • Vibro Compaction
Vibro Concrete Columns
Dynamic Compaction
Locations: Atlanta • Baltimore • Chicago
Wet and Dry Soil Mixing
Dallas/Ft.Worth • Denver • Ft. Lauderdale
Injection Systems for Expansive Soils
Greensboro • Houston • Knoxville
Earth Retention Ground Anchors
Los Angeles • Nashville • New York City
Helical Anchors • Shoring • Sheet Piling
Providence • San Diego • San Francisco
Soil Nailing • Slope Stabilization
Seattle • St. Louis • Syracuse • Tampa
Structural Support Micropiles • Macropiles
Vancouver
Jacked Piers • Driven Piles • Helical Piles
Additional Services Ground Water Barriers
800-456-6548
Design-Construct Services

www.HaywardBaker.com

When it’s a Question of Deep Foundations...

BrasFix

Fugro Consultants, Inc.
Tel: 888 241-6615 Web: www.fugroconsultants.com
Arizona

Providing cost-effective, innovative
solutions for deep marine
foundations since 1927
20 California St, Suite 400, San Francisco, CA 94111
415-398-8972

www.gerwick.com

...Ask Fugro

|

California

|

Louisiana

|

South Carolina

|

Texas

PROUD SUPPORTER OF DFI
1.800.848.6249 www.fosterpiling.com

DFI JOURNAL Vol. 1 No. 1 November 2007 [63]

Underwriters: Gold

McKINNEY
DRILLING COMPANY

SAVE Compozer

Foundation Construction
Est. 1937

No Vibration and
Low Noise

Northeast 724-468-4139 • Southeast 410-874-1244
South Central 512-312-1525

Fudo Construction Inc.

Locations: Atlanta, GA • Austin, TX • Buffalo, NY
Charleston, WV • Cleveland, OH • Corpus Christi, TX Louisville,
KY • Memphis, TN • Philadelphia, PA
Pittsburgh, PA • Winston-Salem, NC • Washington, DC

2555 Flores Street, Suite 490
San Mateo, CA 94403
Tel: 650-350-1120
Fax: 650-350-1121
http://www.fudo-const.com
E-mail: geo@fudo-const.com

www.McKinneyDrilling.com

*ÀÕ`ÞÊ-iÀÛ}ÊÌ iÊÕ`>ÌÃÊ`ÕÃÌÀÞ

*ÌÃÊEÊ-«ViÀÃ
&OR ALL 4YPES OF 0ILING

H  Pipe  Sheet  Timber
Concrete
¸

--" / Ê*
EÊ// Ê

ÝÊ£ä{nÊ vÌ]Ê iÜÊiÀÃiÞÊäÇä£{Ê1-

ÇÎ®ÊÇÇÎn{ääÊ/i°ÉÊÇÎ®ÊÇÇÎn{{ÓÊ>Ý
>\Ê>«vJ>ÃÃV>Ìi`«i°VÊ Ê7iLÃÌi\ÊÜÜÜ°>ÃÃV>Ìi`«i°V

°

[64] DFI JOURNAL Vol. 1 No. 1 November 2007

Now, Stone Columns and
Sand Compaction Piles can
be installed in the urban
environment quietly,
safely and efficiently.

Underwriters: Silver
888-569-3745 / 208-687-3311
www.bayshoresystems.com
Bay Shore Systems, Inc. is the industry leader
in boom mounted drilling equipment. From the
ever popular LoDril® to the long stroke AERA
tieback machine, Bay Shore has a solution for you.
Visit our website or give us a call to see how Bay
Shore Systems can give you the edge over your
competition.

Mueser Rutledge
Consulting Engineers

14 Penn Plaza • 225 W. 34th • New York, NY 10122
T: 917 339-9300 • F: 917 339-9400 • www. mrce.com

Geotechnical Engineering and Foundation Design for:
• Marine Structures
• Buildings
• Slurry Walls & Trenches
• Tunnels & Shafts
• Temporary Structures
• Excavation Support
• Hydraulic Barriers
• Land Stabilization
In-House Soils Laboratory
Pioneering Foundation Engineering Since 1910

D'Angelo Bros., Inc
Philadelphia, PA

Shoring

* Tiebacks * Underpinning * Mini-Piles * Helical Piles
E-mail: email@dangelobrothersinc.com

DFI JOURNAL Vol. 1 No. 1 November 2007 [65]

Underwriters: Silver
Deep
Foundation
Solutions
Designing solid foundations
and reducing risk for our
clients since 1954
Fremont Bridge Approach Replacement
Micropile Supported Foundations
Seattle DOT

ces nationwide in Alaska, California, Colorado, Florida, Oregon, Missouri, Washington
Seattle Headquarters 206.632.3060 www.shannonwilson.com

Geotechnical Engineering
Soil and Rock Mechanics
Shoring and Underpinning Design
Pile Load Testing and Inspection
Vibration Monitoring
Construction Materials Testing
Third Party Inspections
Survey Layout

TECTONIC
Practical Solutions, Exceptional Service

[66] DFI JOURNAL Vol. 1 No. 1 November 2007

70 Pleasant Hill Road
Mountainville, NY 10953
p: 800-829-6531
f: 845-534-5999
www.tectonicengineering.com

Deep Foundations Institute was incorporated in 1976 in the State of New Jersey as a
non-profit educational activity. DFI is a technical association of firms and individuals
in the field of designing and constructing deep foundations and excavations. DFI
covers the gamut of deep foundation construction and earth retention systems.
Although the bulk of the membership is in North America, the Institute is worldwide.
DFI’s strengths are:

DFI Sustaining Members

•

Communication of information concerning
the state-of-the-art and state of the practice
of deep foundation technologies

•

Offering networking opportunities for
our members

•

Offering opportunities for members to
improve the industry through publications
produced by volunteer committees

•

Offering educational conferences, seminars
and workshops in the industry

American Civil Constructors West Coast Inc.
American Equipment & Fabricating Corp.
American Piledriving Equipment Inc.
American Piledriving Inc.
ASC Geosciences Inc.
Berkel & Company Contractors Inc.
Brayman Construction Corporation
Cajun Deep Foundations LLC
Case Foundation Company
Ciport S.A.
Dean Construction Co. Ltd.
Dewitt Construction Inc.
DGI-Menard Inc.
Dosdourian Enterprises Inc.
Geokon Inc.
Hayward Baker Inc.
HJ Foundation Inc.
Kleinfelder
L.G. Barcus & Sons Inc.
Langan Engineering And Environmental Services
Liebherr Nenzing Crane Co.
MACTEC Engineering & Consulting Inc.
Moretrench
Mueser Rutledge Consulting Engineers
Nicholson Construction Company
North American Construction Group
Pileco Inc.
PND Engineers Inc.
Richard Goettle Inc.
STS Consultants Ltd.
Thatcher Engineering Corporation
The Ed Nix Company
Urban Foundation/Engineering Llc
William F. Loftus Associates Foundation
Engineers
Wurster Engineering & Construction Inc.

The core strength of DFI is the broad spectrum
of its membership. All disciplines participate
on an equal footing, be they contractors,
engineers, owners, academicians, equipment
manufacturers and distributors or materials
manufacturers and suppliers. All types of
foundation systems are represented, whether
installed by driving, drilling or other means.
This diversity and openness without bias
provides a forum for the free exchange of
knowledge and a platform for the development
of new technology and opportunity.

DFI is:

•

An international network of heavy
construction professionals dedicated to
quality and economy in foundation design
and construction

•

A forum open to all construction
professionals across disciplines
and borders.

•

A technological association devoted to
gathering, storing and disseminating
practical information

•

A resource for identifying and locating the
specialists and sources of expertise.

•

An initiator and participant in research

Deep Foundations Institute Sustaining Members Are
Corporate Members Of DFI Who Have Voluntarily Granted
Funding To The Institute For Expanded Support Of
The Industry.

DFI JOURNAL
The Journal of the Deep Foundations Institute

International Standard Serial Number (ISSN): 1937-5247

Deep Foundations Institute
326 Lafayette Avenue
Hawthorne, New Jersey 07506 USA
Tel: 973-423-4030
Fax: 973-423-4031
www.dfi.org

